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STRENGTH AND DEFORMATION CHARACTERISTICS
OF SEDIMENTARY SOFT ROCK
INTHE TOKYO METROPOLITAN AREA

Fumio Tatsuoka!

Abstract : The strength and deformation characteristics ohsectary soft rock that
were evaluated in relation to several large-scadearch and construction projects in
the Tokyo metropolitan area are described. A lag®unt of data showing the
elastic stiffness at small strains, non-linearityedto strain and pressure level,
anisotropy of the stress-strain properties, viscqusperties and deformation
properties of shear bands is presented. The®H#tnhess of sedimentary soft rock
obtained from triaxial tests using high-quality esamples, while measuring stresses
and strains accurately, is generally similar todbeesponding value from field shear
wave velocity. Deformations of sedimentary softkr@leposits and displacements
of structures constructed on and in them at workmagls could be reliably predicted
based on the elastic stiffness evaluated by fieishsic surveys. It was necessary to
take into account the dependency of stiffness aarsistrain and pressure level,
which could be evaluated by relevant laboratorgssitstrain tests while referring to
results from relevant field loading tests. Loadnmage effects due to the material
viscous properties, including creep deformationt bot those caused by the
migration of pore water pressure, could be simdlatey a non-linear
three-component model. Core samples retrievedolyentional rotary core tube
sampling method could be noticeably disturbed. efdvadvanced laboratory
stress-strain testing methods developed in theseoof this long-term study are
described.

INTRODUCTION
Since the 70’s, a number of large important civigieeering structures, including

foundations for long suspension bridges, high-bs#dings, large and deep excavations for
underground energy storage tanks, railway and haghtwnnels, rockfill dams and etc, have
been constructed on and in sedimentary soft rogosles in Japan (e.g., Tatsuoka and
Shibuya 1991; Tatsuoka and Kohata 1995; Tatsuokal.et995a; Tatsuoka 1999a, 2001;
Koseki et al. 2001). In such projects the predicttof ground deformation and structural
displacements is one of the major design steps.thdnmid 80’s, when the author started
assisting several major construction projects immrsedimentary soft rock deposits, it was
normal that the observed full-scale field deformiagi of sedimentary soft rock deposits
largely deviated from those predicted in advancEhe situation at that time is summarized
below:

1) When based on stiffness values obtained fronveraional laboratory stress-strain
tests, such as unconfined compression tests andmmer tests, full-scale field
ground deformations and structural displacement® wéen largely over-estimated.
Thus, practicing civil engineers naturally tendedbt rely on laboratory stress-strain
tests, although the reasons for the cited disaggrensually could not be identified.
This is a somewhat different situation from the dnethe UK, where sample
disturbance was considered to be responsible éoovter-estimation of full-scale field
ground deformation when based on laboratory sstas tests (mostly triaxial
compression tests) using samples retrieved fronfidha (e.g., Jardine et al. 1991,
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Hight and Higgins 1995; Jardine 1995). It was fblater that the main cause for the
cited over-estimation was that non-linear stressirsbehaviour at small strains which
were relevant to the full-scale field cases anda# of recent stress history were not
properly taken into account in these predictiong.(eBurland 1989; Jardine et al.
1991, Hight and Higgins 1995; Jardine 1995).

2) Engineers tended to rely on results obtainednfigate loading tests (PLTs) and
pressure-meter tests (PMTs or bore hole lateradlihgatests BHLTS) that were
analysed based on the conventional isotropic litte=ory and assuming homogeneous
ground conditions. When predicting the settlemaint footing for a bridge or a
heavy structure, PLTs were preferred because tading conditions in PLTs are
similar to those in the full-scale field case. Hwar, it is not possible to perform
PLTs at elevations below the present seabed wipieat footing base is to be placed
at offshore sites. For example, in the AkashiiBBadge project, a great number of
conventional pre-bored PMTs were performed in almemof boreholes at the offshore
sites. An empirical method was proposed to converasured PMT stiffneg&)pur
(evaluated based on isotropic linear theory) toivedent PLT stiffnesgE)p 7 that
would be used in the prediction of the instantasesettlement of footings to be
constructed on a sedimentary soft rock deposit égroup of the Pliocene epoch) for
the Akashi Strait Bridge (e.g., Takeuchi et al. 98 In this correction method, the
ratio (E)pL1/(E)pmt iNncreases with a decrease(lt)pmt.  In the design, non-linearity of
stress-strain behaviour due to strain and predswed as well as effect of loading
history on the stress-strain behaviour was notrtakéo account in an explicit way
when evaluating the stress-strain properties ohseatary soft rock. The correction
method described above is representative of sgdation.

3) A link among the stiffness values obtained frtahoratory stress-strain tests, field
loading tests (PLTs and PMTs), field seismic susvegnd full-scale field
measurements was missing. Typically, a large mdiffee was often observed
between dynamically measured elastic stiffnessh(sas those from field seismic
survey) and statically measured ‘elastic’ stiffne@ich asEsp values from
conventional laboratory stress-strain tests anoladehg stiffness values from PLTS).
It was explicitly or implicitly considered that threason for the above is that a given
mass of sedimentary soft rock has two differenesypf elastic stiffness, the dynamic
and static elastic stiffness values. In the cakenndiscontinuities (such as joints,
cracks and faults) are densely distributed withgiveén mass of sedimentary soft rock,
the elastic Young’s modulus of the mass evaluateddismic survey could be much
larger than the value back-calculated from thedodle field observations even when
non-linearity of stress-strain behaviour is taketo iaccount, but it would be smaller
than the elastic Young’s modulus accurately eveliaat very small strains by
laboratory stress-strain tests using core sampdéescontaining such discontinuities.
As shown below, however, the effects of discontiegion the average stress-strain
properties of a mass of sedimentary soft rock atelly not significant, unlike cases
involving hard rock masses. Rather, the so-calletstic’ stiffness from
conventional laboratory stress-strain tests coeldnioich smaller than the value from
field seismic survey and full-scale field behaviouirhis was usually due to technical
problems in the conventional laboratory stressssttasts and/or effects of sample
disturbance. The current SOA of this issue is sansad in Tatsuoka et al. (2001b).

In the late 80’s, the authors and their colleagstasted a comprehensive series of
studies on the following topics with respect to $itieess-strain-time properties of sedimentary
soft rock utilising predominantly laboratory stresgin tests:



1)

2)

3)

Figure 2.1.

Development of relevant laboratory stress-sttasting methods (i.e., triaxial and

plane strain compression tests and true triaxiats}eto accurately evaluate the
stress-strain behaviour.

Stress-strain behaviour at small strains, inalgithe elastic behaviour:
a) A comparison between elastic stiffness valuemffaboratory stress-strain
tests and field shear wave velocities.
b) Relevant definitions of elastic deformation pedpes and its constitutive
modelling.
Non-linearity due to strain and pressure levgdre-peak stress-strain behaviour.
a) Evaluation of non-linearity and its constitutiv@delling.
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Figure 2.2. a) & b) Triaxial compression test system with local axial strain
measurements by using a pair of LDTs (the specimen is sedimentary soft rock); and b)
details of internal load cell (Tatsuoka et al. 1999a, b).

b) Analysis of full-scale field ground deformatiand structural displacements
and results from filed loading tests based on tlastie deformation
properties from field shear wave velocities measwaed the non-linearity
of stress-strain behaviour from laboratory stréssfstests on core samples
retrieved from the site.

Inherent and stress system-induced anisotropythef strength and deformation

properties.

Shear banding characteristics related to fagunaysis.

Sample disturbance:

a) Different degrees of sample disturbance amofigreint sampling methods
(i.e., rotary core tube sampling and block sampéng direct coring at the
exposed ground surface).

b) Effects of sample disturbance on the elastitnsss, non-linearity in the
pre-peak stress-strain behaviour and peak strength.

Loading rate effects due to the material viscusperties and its constitutive
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Figure 2.3. Comparison of axial strains measungdoor methods in a CD TC test including cr
loading stages and step changes in the strainsedénentary soft rock of sitandstone, Kazusa grouy
Pleistocene epoch at Sagamihara; a) overall sttesis- relationship; b) stres$rain relationship at sm
strains; and c) four methods of axial strain meas@nt (Hayano et al. 2001).

modelling.

The following is a summary of the results from #hessearch programs, including the
latest unpublished test results.

RECENT ADVANCESIN LABORATORY STRESS-STRAIN TESTING METHODS

Accurate and Sensitive Evaluation of Strains by L ocal M easurements

Vertical LDTs for axial strains: In the late 80’s, the authors and their colleagues
performed a large number of triaxial tests on gamples retrieved from full-scale test fills of
cement-mixed sand placed underwater and foundrtperitance of local strain measurements



Confining plates (2) of steel

Load Cell (LC1)

- % Load cell (LC2

Proxinity transducer (GAP)
O\ie rod
/ Alminim foil

Proxinity transducer (GAP)

Lonfining platen(1) Ball bearing (BB 3)
Acrylic platen N
Steel frme
4 Z Load cell (LC3)
Ball bearing (BB 2)

Figure 2.4. a) Plane strain compression testirgjesy to observe the deformation of shear bands
sedimentary soft rock; and b) local measuremertesy$or axial and lateral deformations (Hayanole
1999b).

for the accurate and reliable evaluation of prekpeess-strain properties of stiff geomaterial
(Tatsuoka and Shibuya 1991; Tatsuoka et al. 199 M) obtained the same conclusion with
sedimentary soft rock from results of a seriesrafamfined and triaxial compression tests on
core samples from a site where a high embankmerarf@irport was to be constructed over
an existing railway tunnel that had been constdigtea sedimentary soft rock deposit of the
Pliocene epoch (Sagara group) in Shizuoka prefeciiatsuoka and Shibuya 1991; Tatsuoka
et al. 1993). The age of the deposit is greatan five million years and it consists mainly
of mudstone with sandstone layers:ig. 2.1 shows a result from a CD TC test on a core
sample of sand-mudstone (with a diameter of 5 cthaheight of 10 cm) performed at an
axial strain rate of 0.01 %/min, which is typicdltbe many tests performed related to this
project. Fig. 2.2 shows the triaxial testing system used for thistesIn this series of tests, a
local axial strain gauge, called the local defoioratransducer (LDT), was used for the first
time in TC tests on sedimentary soft rock sampkfser a number of TC tests on
cement-mixed sand had been performed using a palDd®. The LDT, developed by Goto



et al. (1991), is a type of clip gauge and cong$is phosphor bronze strip that is placed the
ends of specimen diameter on the lateral surfacspetimen. A set of electric-resistant

strain gauges consisting of a full bridge is atéatto both sides of the central part of the strip
to detect the axial deformation of specimen vegueately. The LTD has become one of the
most popular local axial strain measuring methad¥apan for relatively stiff geomaterials.

In the project for which the TC test described ig.R2.1 was performed, it was
necessary to evaluate whether the weight of theaakthent would damage the concrete
lining of the railway tunnel, which had been cousted in a deposit of sedimentary soft rock.
At that time it was the standard engineering pcactio use the stiffnesEpyr from
conventional pre-bored PMTs in the numerical anslis predict the ground deformation in
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Figure 2.5. Rectangular prismatic specimen wittieg and lateral LDTs for triaxial compressioste o
sedimentary soft rock (Hayano et al. 1997).
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such a case. In that project, the tangent Youngslulus evaluated at a half of the peak
strength, Ewn)so, Was evaluated from the relationship between tnaatior stress and the
externally measured axial strain from unconfinedhpression tests (Tatsuoka et al. 1993).
These Ewan)so values were generally similar to thgyr values from primary loading curves
obtained by conventional PMTs performed at the siten the other hand, a series of CU and
CD TC tests were performed using a pair of LD TéhatGeotechnical Engineering Laboratory,
the University of Tokyo (Tatsuoka and Shibuya 19%atsuoka et al. 1993). The initial
Young’s modulus Ey) at strains less than about 0.001 % evaluated fitwanrelationship
between the deviator stress and the locally medsaxial strains obtained from TC tests (as
shown in Fig. 2.1c) was essentially the same askhgtic stiffness from field shear wave
velocities. The values of the secant moduys at the strain level that was expected in the
field were also evaluated, which were only slightiyer than theky values while much
higher (by a factor of about 4) than th&.{)so values. Numerical analysis using tBaur

or (Ewn)so Values predicted that the concrete lining of thenal would be damaged. It was
predicted, however, that the tunnel would not bmalged if the analysis was based onEhg
values evaluated from field shear wave velociteddny into account the non-linearity of
stress-strain behaviour from the results from T&Istécally measuring axial strains as shown
in Fig. 2.1.

From the beginning of 2002, a partial excavationtled surface soil layer and
sedimentary soft rock deposit overlying the tunfal the construction of a protection
structure to reduce the load by the weight of erkibveamt applied to the tunnel started. The
protection structure is under construction at theetof writing this paper (the beginning of
August 2002). The deformations of the tunnel andosinding sedimentary soft rock
deposit that have been so far observed have shuoatritlte stiffness evaluated based on the
elastic deformation properties from field shear axelocity is consistent with the field
behaviour while the values & vt and Ean)so are utterly too small. The details of this case
will be reported in the near future.

It is now well known that such a large discrepabeyween externally and locally
measured axial strains, as seen in Fig. 2.1, idaltiee significant effects of bedding error at
the top and bottom ends of the specimen. Wherl sixeins are measured with an external
axial gauge placed outside the triaxial cell, exrdue to the deformation of the apparatus (i.e.,
system compliance) are also included in measured stxains. The bedding error could be
due to;

a) a lack of parallelism between the specimen amndsthe contact surfaces of
the cap and pedestal;

b) undulation of specimen ends; and

C) extra-compression of disturbed thin layers fa¥mduring specimen

preparation (and drainage filter paper when useth dse case of the test
described in Fig. 2.1).

Even when an excellent contact between the specaméds and the cap and pedestal
is ensured by capping the specimen ends by usipgugy, the effects of item c¢) above would
not become negligible, as observed from the rdsuih a CD TC test presented fing. 2.3.

In this test, the core sample obtained at the SHgaentest site (as described in detail later in
this paper) was used. In this test, axial straieee measured by using: (1) a pair of LDTs;
(2) two pairs of proximity transducers (or gap s#sps both set at the ends of specimen
diameter along the lateral surface of the specinf@na proximity transducer measuring the



o' =Skgfic

. , . , .
Vertical small cyclic loading

15

1.0

0.5

Deviator stress increment,
dg=d('-a"), dq:d(o ‘y—o ") (kgf/cnd)

0.0 fleerrsa S ammla T e

a) Elapsed time, t (min)

2.0 T T T T T T
| Horizontal small cyclic loading

dq=d(-0\)

o' =Skgffenf |
15

1.0

0.5

0.0ug

Deviator stress increment,
dg=d(0'-0'), dg=d(c’-a’) (kgfcn)

L 1 L 1 L L
0 10 20 30 40 50
b) Elapsed time, t (min)

Figure 2.7. Time histories of vertical and horizontal stressecyclic loading tests on sedimentary soft
(Kazusa group at Sagamihara); a) cyclic loadingeasfical stress at constant horizontal and latstrasse:
and b) cyclic loading of horizontal stress at canswvertical and lateral stresses (Hayano et 8949

axial displacement of the specimen cap; and (4¢xdarnal axial gauge placed outside the
triaxial cell measuring the axial displacementiod toading piston. It may be seen that the
axial strains measured by using “(3) a proximignsducer (denoted as (3)Gap,cap)” exhibits
large bedding error during not only monotonic logdbut also creep loading stages. The
difference in the axial strains measured with ‘g3)roximity transducer” and “(4) an external
axial gauge (denoted as (4) External)” is due ¢ostystem compliance.

After the above described project, the authors werelved in a number of projects
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for bridge foundations, high-rise building, deeprtial shafts, subway tunnels and etc.
constructed on or in sedimentary soft rock deppagssummarized by Tatsuoka and Shibuya
(1991), Tatsuoka et al. (1995a), Tatsuoka and Kofi#195) and Tatsuoka et al. (1999a).

Before starting an experimental study into the miscproperties of sedimentary soft
rock in the early 90’, the authors considered that effects of bedding error would not be
significant on strain increments that develop dyrancreep loading test, in which the axial
stress is kept constant. This assumes that théifgeérror is a function of effective axial
stress. Most of the creep tests on sedimentatyr@ci that could be found in the literature



used an external axial gauge to evaluate axialnsirerements developed during creep
loading. It was found from a series of TC testsyéver, that the effects of bedding error
during monotonic loading could become larger witthearease in the axial strain rate and the
effects could be significant during creep loadiegt$ (Matsumoto et al. 1999; Tatsuoka et al.
1999b: Hayano et al. 2001). Fig. 2.3 shows resytisal of test results indicating the above.
It may be seen that the difference between thd akiains measured with “(3) a proximity
transducer” and “(3)&(4) two types local axial stragyauges” increases also at the creep
loading stages.

Vertical LDTs are also useful to evaluate the defation of shear bands that develop
in sedimentary soft rock in triaxial compressiostseand plane strain compression tests
(Tatsuoka and Kim 1995; Hayano et al. 1999ig. 2.4 shows a plane strain compression
test system developed for this purpose. Sevetbearing systems are used to enhance the
free development of shear bands. Test results R&@ tests using this system are reported
later in this paper.

Load cell:For reliable evaluation of the stress-strain behavwf sedimentary soft
rock, not only at small strains but also spannheywhole pre-peak regime, it is necessary to
use a load cell having not only a high resolutiah &#lso a large capacity, in addition to a
relevant local axial strain gauge. To this endird@rnal load cell as shown in Fig. 2.2 was
developed and has been used at the authors’ labpratMore details of this load cell are
described in Tatsuoka (1988).

1. Speed-reduction gear boxes
2. Spur gear
3. Bevel gear A
4.Bevel gear B
5. Shaft
6. EMC (A)
7. EMC (B)
8. EMB
9. Precision ball screw
10. No-backlash nut

for precision ball screw
11. Sheath
12. Guide linear-motion bearing
13. Linear-motion bearing
14. AC-Servo motor
15. Motor control unit
16. EMC switching system
17.Digital/Analog converter
18.Micro computer
EMC:Electro-magnetic clutch
EMB:Electro-magnetic brake

To the loading piston of triaxial cell

Figure 2.9. Precision getyrpe axial loading apparatus (Tatsuoka et al. 1$#fitucci de Magistris
al. 1999).

Horizontal LDTs for lateral strains: It is very difficult to evaluate reliable lateral



strains of a cylindrical specimen of geomaterial tagasuring changes in the specimen
diameter when the effective lateral stress changé&his is due to effects of bedding error at
the lateral surface of the specimen that could &g Varge with sedimentary soft rock.

Errors in the lateral strains could also be vergdawhen they are obtained from locally or
externally measured axial strains combined withuratric strains obtained from the amount
of water sucked into or expelled from a saturateecsnen. To evaluate lateral strains of
specimens of granular material (i.e., sand andeajfyan triaxial compression tests when the
effective lateral stress changes, Hoque et al.)L8%ed eight LDTs placed horizontal on the
flat lateral surfaces of a rectangular prismatiecemen (23 cm x 23 c¢m in cross-section x 57
cm in height).

This method becomes more difficult when applied simaller specimens of
sedimentary soft rock. Hayano et al. (1997) us¢erdl LDTs having a length of 60 mm to
evaluate lateral strains of sedimentary soft rquécsnens with dimensions of 880X 160
mm in triaxial compression testsi¢. 2.5). This method is now the standard testing method
in the Geotechnical Engineering Laboratory of theividrsity of Tokyo to accurately and
sensitively evaluate the lateral strains of spensneomposed of sand, gravel and stiff
cement-mixed soil and sedimentary soft rock inxtabhcompression tests in which the
effective lateral stress changes (Jiang et a. 18&8uoka et al. 1999b; Anh Dan et al. 2001,
Kongsukprasert et al. 2001; Nawir et al. 2001).

Fig. 2.6 shows the true triaxial testing system using ¢aregular prismatic specimen
with dimensions of 60 mm (in the direction of cellessurec’;) x 80 mm x 160 mm
(Hayano et al. 1999a). Axial strains in the vettidirection (z direction) are locally
measured by using a pair of vertical LDTs. In #ddi normal strains in one lateral
direction (denoted as the horizontal direction gndirection), which are free from bedding
errors that would occur at the side surface of ghecimen when the effective confining
pressure changes, are measured locally by usingpaive of laterally placed LDTs (in total
four). Normal strains in the other lateral direati(x direction) are measured by using a set
of proximity transducers (in total six), which wduhclude effects of bedding error when the
effective lateral stressy’, changes. Fig. 2.7a shows the time histories of axial and
horizontal stresses from a typical cyclic loadimgttof the vertical stresg, with two
constant stresseg, and o,. Fig. 2.7b shows the time histories off, and o, from a
typical cyclic loading test of the horizontal sseg, with two constant stresses, and o, .
These cyclic loading tests were performed to evaltiae elastic deformation properties of
sedimentary soft rock from Sagamihar&igs. 2.8a and b show the corresponding time
histories of normal strains in the three normagctions. Hayano et al. (1999a) reported the
inherent and stress system-induced anisotropyemtiasi-elastic deformation characteristics
in terms of Young's modulus and Poisson’s ratioseflimentary soft rock. This issue is
discussed later in this report.

Versatile Loading M ethod

Loading method to evaluate material viscous prapsrof test specimen:Hayano
et al. (1997; 2001) showed that loading rate effemtising from the material viscous
properties on the stress-strain behaviour of seaiamg soft rock could be significant.
Because of the very complicated nature of the wusqoroperties of sedimentary soft rock
(and other types of geomaterials), it is necesgagvaluate the loading rate effects not only
by performing monotonic loading tests at differeohstant strain rates and creep loading tests
but also by applying more general loading histonéstrain rate, including the following



(Tatsuoka et al. 2000, 2001a):

1)
2)
3)
4)

5)

restart of ML at different constant strain ratelowing a creep loading
stage;

gradual and sudden changes in the strain rat@gdotherwise ML at a
constant strain rate;

strain relaxation tests;

application of unload/reload cycles with a sn&tHain amplitude during
otherwise ML loading and creep loading to evaluhie effects of stress
state and loading history on the elastic defornmatizaracteristics; and
application of these loading schemes 1-5) desdrabove during otherwise
global unloading and reloading.



With respect to item 4) above, it is necessary \taluate an irreversible strain
increment for a given stress increment at a givesss state to study the viscous properties of
a given material. To this end, it is essentiabt@luate accurately the elastic deformation
characteristics at any given stress state andpgaen loading history.

Fig. 2.3 shows results from a CD TC test on sediargnsoft rock (mudstone),
including many of the loading schemes describedr@bperformed to evaluate loading rate
effects due to the material viscous properties.prékision gear-type axial loading apparatus
was used in this test, which can control an axrairs much less than 0.001 % for a specimen
height of 10 cm with practically no backlash duriogd reversalKig. 2.9; Tatsuoka et al.
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Figure 2.10. Loadg rate effects in a CD TC test on sedimentary smtk of Kazusa group fro
Tokyo Bay mouth (Hayano et al. 2001).



1994; Santucci de Magistris et al. 1999F.ig. 2.10 shows a similar result from a drained TC
test on a core sample of sedimentary soft rock saraple of the Kazusa group from the
mouth of the Tokyo Bay. The sample was isotropjcaconsolidated to the field effective

vertical stress. The results of the model simafafpresented in this figure are explained
later in this paper.

The Pacific Ocean

Tokvo

Tokyo metropolitan area

Sagamihara
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#~—Sodegaura site

‘ e

Trans—Tokyo
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\

Figure.3.1. Locations of the sites where the sts&rsin behaviour of sedimentary soft rocks \
investigated (modified after Tatsuoka et al. 1995a)

SITE DESCRIPTIONSAND GENERAL TRENDS OF STRENGTH AND STIFFNESS

General
The following two projects in the Tokyo metropofitarea Fig. 3.1) were selected to



discuss on the primary characteristic features loé stress-strain-time properties of
sedimentary soft rock:

1) a full-scale field experiment at Sagamihara; and
2) geotechnical investigations for a suspensiowlgariat the mouth of the
Tokyo Bay,

The discussions are based on results from labgraimess-strain tests and field
loading tests, full-scale field behaviours and th&mulations. Engineering issues and
related stress-strain properties of sedimentary regk at other sites, reported by Tatsuoka
and Kohata (1995) and Tatsuoka et al (1995a),lacereferred to where necessary.
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Fig. 3.2 Geological cross-sections along lines Aatsuoka et al., 1995a) and B-@oshino 1993) i
Fig. 3.1.
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Figure 3.3a. General configurations of fedlale field experimental excavation (first stag:
experiment) and ground conditions at Sagamiharasiés (Ochi et al. 1993, 1994; Tatsuoka
Kohata 1995; Tatsuoka et al. 1997a).

In the Tokyo metropolitan area (Fig. 3.1), as s&éem Fig. 3.2, Holocene and
Pleistocene uncemented soil deposits are unddnjamthick sedimentary soft rock deposit of
the Kazusa group. The Kazusa group is about onsvdomillion years old of the late
Pliocene to the early Pleistocene epochs. The $&agwup deposit is underlain by an older
sedimentary soft rock deposit of the Miura grougha late Miocene epoch to the Pliocene
epoch of the Tertiary period. The top of the Kazgsoup deposit becomes deeper towards
the center of a depressing basin in the north fTitkyo Bay area. The original soil types
of these sedimentary soft rock deposits are claydjpnsilt and sand, which change from one
site to another and from one depth to another. ek is generally well cemented, while
fine sandstone is less uncemented. In the depokitise Kazusa group, sometimes nearly
uncemented coarse sand layers can be found betwsenemented mudstone layers (e.g.,
Tatsuoka et al. 1997a). A reason (or reasonshifgir cementation of mudstone compared
with its relatively young geological age (about doetwo million years with the Kazusa
group) is (are) not well understood. Except foosen exposed in the air, the soft rock
deposits of the Kazusa and Miura groups have neh lmeticeably weathered, while some
zones have been slightly disturbed by tectonicef®rc

In the past, these sedimentary soft rock depos#se wonsidered as a very good
foundation having sufficiently high strength andfiséss to support ordinary non-massive
civil engineering structures including RC buildingsidge foundations and so on. In these
cases, their detailed mechanical properties wetecrtically evaluated. For the last two
decades, however, a number of large-scale impostaunttures were constructed on or in and
large-scale deep ground excavations were performdte sedimentary soft rock deposits of
the Kazusa group. Therefore, many detailed geoteahmvestigations for research and
design were performed.



Sagamihara Test Site

General: As shown inFig. 3.3a, a 50 m-deep experimental shaft and a series of
short tunnels at the bottom of the shaft were eaisal/from 1989 until 1992 in a sedimentary
soft mudstone deposit of the Kazusa group with@ingistiff supports as has been used in
other construction projects under similar condsid@chi et al. 1993, 1994; Tatsuoka et al.
1995b, 1997a). The excavation for the extensiorthef shaft to deeper levels and the
construction of an underground donkég; 3.3b) started in January 1995 and ended in March
1996 (Matsumoto et al. 1999, 2000). The obseraatiche ground behaviour continued for
the following several years.
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Figure 3.3b. Final experiment configurations ag&aihara test site (Matsumoto et al. 1999, 2000).
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Figure 3.4. Grain size distribution of sedimentaoft rock (mudstone), Sagamihara test site (Ki
al. 1994; Hayano 2001).

The deformation and strength characteristics of dbeimentary mudstone of the
Kazusa group at the Sagamihara test site weretigagsd in great detail (Kim et al. 1994,
Tatsuoka and Kohata 1995: Tatsuoka et al. 1993 d)9 Fig. 3.4 shows the grading curve



Table 3.1. Some physicquantitie: of sedimentary soft rock (Sagamihara test sitedépths down t
50 m; Kim et al. 1994).

Specific gravity G 2.73 Natural water content,w 20.6~29.6 %
Total densityp ; 1.88~2.06 g/cth \oid ratio e 0.64~0.86

Figure 3.5. A RCTS sample with a shear plane affe€ test, Sagamihara test site.

obtained from samples retrieved from a depth ofuado50 m, which is typical of the
mudstone at the site. This grading curve and atimitar ones presented in this paper were
obtained by first breaking each oven-dried sampitd & hand-held hammer followed by
crushing and grinding the broken pieces in a maultl all the material passed through a
sieve with an opening of 0.42 mmTable 3.1 shows the material properties of the samples
retrieved from depths down to about 50 m that wesed for triaxial compression tests
performed by Kim et al. (1994).Fig. 3.5 shows one of the core specimens used in the TC
tests, which exhibited a clear shear plane alonigtwa fossil of leaf happened to have been
embedded.

Compressive strength: Fig. 3.6 shows the distribution with depth of the
compressive strength of core samples; gefrom unconfined compression tests (U tests) and
Omax from CU and CD triaxial compression (TC) tests. tHa TC tests, the specimens were
isotropically consolidated to the respective intséffective overburden pressur(er'v)o.
The axial strain rate (in terms of externally meaduone) was 0.01 %/min. The core
samples were retrieved by the following three mésho

1) Block sampling (BS): Large blocks of mudstorerevcarved out from the
excavated ground surface inside the tunnels (Fi8g)3from which core
samples for laboratory stress-strain tests weredcosing a rigidly fixed
diamond core barrel in the laboratory.



2) Direct coring (DC): Samples for laboratory stestrain tests were cored
using a rigidly fixed diamond core barrel inside 8haft and tunnels.

3) Rotary core tube sampling (RCTS): Core sampie® retrieved by using
a double-tube rotary core sampler from the bottdmespective borehole
drilled from the ground surface. All the core saesplsed for the U tests
(except the one presented in Figs. 3.7 and 3.8f vadxtained by this
method.
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Figure 3.6. Distribution of compressive strendtbsn unconfined and triaxial compression tests,
Sagamihara test site (Wang 1996; Hayano et al.)2000

It may be observed from Fig. 3.6 that the uncomfioempression strength exhibits a
much larger scatter and a much smaller average \han the triaxial compression strength.
It could be inferred from this result that; a) theposit is somehow heterogeneous; and b) the
compressive strength of this mudstone largely depem the confining pressure. However,
this inference is biased by effects of sample distnce, which could be particularly large on
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Figure 3.7 Results from U test and a series offlCtests at different consolidation pressures 1
core samples from singlelock retrieved in the tunnel at a depth of 50Sagamihara site (Wa
1996; Hayano et al. 1999b).

the unconfined compression strength from U testgu2CTS samples, as discussed below.

Fig. 3.7 shows the stress-strain behaviour from a U tedtaseries of CD TC tests at
different consolidation pressures using core sampletained from a single large block
retrieved by BS at a depth of 50 m in the tunndlhe volumetric strain was not measured in
the U test. Fig. 3.8a summarises the peak strength from these compresssis. The
following trends of behaviour may be seen from ¢hiegures:

1) For a set of core samples from a single largekylthe peak strength
increases moderately with an increase in the calaa@n pressure. The
difference between the, strengths from U tests (using RCTS samples) and



Figure 3.8.

the gmax Values from TC tests presented in Fig. 3.6 is maoyer than the
one that could be deduced from the results predent€igs. 3.7 and 3.8a.
This fact indicates that the, strengths of RCTS core samples are generally
smaller than those of core samples obtained by B®is is due to the
effects of sample disturbance in RCT sampling (i@la et al. 1995a).
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(based on locally measured strains less than @h001 %) from the compression tests presentedgi
3.7 (Wang 1996).

2)

3)

Generally themax Strength from a CD TC test is larger than the onenfa
CU TC test under otherwise the same testing camditi

The CU and CDTC strengthgsax 0f RCTS core samples are also generally
smaller than those of BS and DC core samples. iBhaso due to the
effects of sample disturbance in RCT sampling. Elay, this difference

in the compressive strength between RCTS sampl88n& DC samples

is generally much smaller with the TC tests thaam dhe with the U tests.

It seems that reconsolidation to the respectivsitinpressure reduced the



effects of sample disturbance on the TC strengfR@TS samples.

4) When based on the compressive strength, from CU TC tests, the
compressive strength under field stress conditgmaslually increases with
depth. This trend of behaviour is not evident witk q, values at depths
larger than about 50 m. This fact would suggest the effects of sample
disturbance with RCTS become larger with increasliegth.
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Figure 3.9. Distribution of Young’s modulufom unconfined compression tests and tri
compression tests and field seismic surveys (Wa&8&;1Hayano et al. 2000).

These results indicate that the combined effectsoofining pressure and sample
disturbance on the unconfined compressive stremgttof core samples retrieved by RCTS
could be significant. Thus, the compressive stitengf sedimentary soft rock under
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confined conditions in the field could be serioustyderestimated when evaluated based on
theseq, values. Similar examples were obtained at Kastanth Sodegawara sites (shown
in Fig. 3.1) by Kawasaki et al. (1993) (Fig. 2.Z9Tatsuoka and Kohata 1995) and at the site
of Akashi Strait Bridge (see Fig. 2.26 of Tatsuaka Kohata 1995). It is likely that, during
the operation of rotary core tube sampling, a samaple retrieved in the inner sampling tube



could be largely damaged when the rocking motiothefsampler becomes too large and/or
excessive compressive or tensile axial force isieghpo the sampling tube.

Small strain stiffness: Fig. 3.9 shows the distribution with depth of the following
different Young's modulus values:

1) Undrained elastic Young’s moduli from down-hole seismic surveys
performed in bore holes. The values & were obtained as:
E, =2(1+v,)[G,, where v, is the undrained elastic Poisson’s ratio, which
IS assumed to be equal to 0.43 in this case; @ndis the elastic shear
modulus equal top iV, )VH] where p is the total density andV,),,, is
the velocity of the shear wave propagating in tleetival direction with
horizontal particle movements. Vertical and honizb line segments in
Fig. 3.9 indicate th&; values obtained by this method.

2) Undrained elastic Young’s modullis from the suspension method (local
up-hole seismic survey) performed in the same lbhales in which the
down hole seismic surveys were performed. A dditezlindicates thé
values obtained by this method.

3) Initial Young’s moduluds, defined at axial strains less than about 0.001 %
from CD and CU TC tests measuring locally axiahisis with a pair of
LDTs. Fig. 3.10 shows results from a typical CC TC test using asBSple.
The results of BS and DC core samples are disthgal between CU and
CD TC tests in this figure, while those of 4) ESflues from unconfined
compression tests (measuring axial strains exigynaking RCTS core
samples are not.
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Figure 3.11. Seabed at the mouth of Tokyo Baytlieycourtesyf Ministry of Land, Infrastructui
and Transport ).
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The following trends of behaviour may be seen fiam 3.9:

1)

The Eso values from the unconfined compression tests dierlyl not
representative of thesmall strain stiffness of meditary soft rock under
field stress conditions. This significant discneeg of theEsg values from
the Ey andE; values are due to the following factors:

) Confining pressure Fig. 3.8b shows the effects of consolidation
pressure on th&g values from U and CDTC tests measuring locally laxia
strains with a pair of LDTs on core samples obtif@ one large block
retrieved in the tunnel. It may be seen that ffeceof this factor is small
with these least disturbed core samples. Howewes,not the case with
noticeable disturbed RCTS samples.

i) Sample disturbance: The effect of this factor on the stiffness
evaluated by unconfined compression tests usingR€amples could be
large. It may be seen from Fig. 3.9, however,,thédth the sedimentary
soft rock at the Sagamihara test site, the effetttis factor is not significant
on the stiffness evaluated by TC tests on sampleasolidated to the field
pressure level.

i) Bedding error: The effect of this factor becomes larger at lower
confining pressure (Kim et al. 1994). Therefoles effect is larger in U
tests than in TC tests under otherwise the samgitcmms.

iv) Strain level: The locally measured strain level at whiEky is
defined at a strain that is much larger than tlaste limit strain, which is
about 0.2 % in the data presented in Fig. 3.7. &kial stress becomes
much larger than the initial value by that stragvdl. As the pressure
level-dependency becomes larger, Hage value could be still similar to the
initial value Ey under otherwise the same conditions if the effettstrain



level and pressure level are balanced with eachker.oth With the
sedimentary soft rock of mudstone type at the Séuma test site, the
pressure level-dependency &f is not significant, as seen from Fig. 3.8b.
It appears, therefore, that the effect of thisdatbeEsp value is not masked
by the effect of pressure level.
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Figure 3.13. Comparison of mean diameter of mother soils among di#e, 2P, 3P and 4A, Tokyo B
mouth (Kodaka et al. 2000; Hayano 2001).

With the sedimentary soft rock at the Sagamihasa sie, it seems that combined
effects of these factors could be significant. Tineonfined compression test has been
the most popular laboratory stress-strain testieghod in Japan to evaluate the strength
and deformation characteristics of sedimentary smfk. One of the main reasons for
the above would be that the effects of these factpr iv) become evident only by
referring to such data as presented in this pagech is usually very difficult. Another
reason would be a relatively low cost for testindt. has been shown by Tatsuoka and
Kohata (1995) and Tatsuoka et al. (1995b, 1999%)eker, that the use of sudhg
values from U tests measuring axial strain extéyraal RCTS samples could result into a
significant over-estimate of full-scale field gralundeformation and structural
displacements related to sedimentary soft rock.

2) The scatter in thE&y values obtained from TC tests is generally largih w
RCTS samples than with BS and DC samples. Moreavelepths greater
than about 70 m, the averagef values of RCTS samples is noticeably



Table 3.2(a  Physical properties sedimentar soft rock (Tokyo Bay mouth, site 1,

Depth Water Total Content (%)
(m) Soft rock type content | density [ Coarser than| Finer than
(%) | odglen®) | 0.074mm | 0.074 mm
~19.0 Sandy mudstone 35 1.84 15 85
19.0~35.0 | Sandstone, mudstong 54 1.85 20 80
& sandy mudstone
35.0~49.0 Sandy mudstone 36 1.83 7 93
49.0~76.0 Sandy mudstone 34 1.87 13 87
76.0~85.0 Sandy mudstone 35 1.85 7 93
85.0~ Sandy mudstone 40 1.78 7 93

Table 3.2(b). Physical properties of sedimentary soft rock (ToBay mouth, site 2A)

Depth Soft rock Water dTOta.I Coarsc(:a(:ntem (%)
oft rock type content ensity Finer than
(m) (%) | ofglen) | than 0.074) 4 474 mm
mm

11.5~22.3 Muddy fine-sandstone 23 2.01 36 64
22.3~41.2 Tuff-sandy mudstone 26 1.99 49 51

41.2~56.4 Sandy mud 29 1.96 27 73
56.4~72.4 Tuff-sandy mudstone 30 1.93 38 62

72.4~ Tuff-sandy mudstone 26 1.99 36 64
smaller than the value of BS and DC samples. likedy that these two
observed trends of behaviour are due to largectsfigf sample disturbance
with RCTS samples. This issue is discussed in ndetails later in this
paper.

3) TheE; values from the two methods of field seismic suraey essentially
the same at depths shallower than about 50 m. h®ather hand, at depths
greater than about 50 m, t#& values from the down hole method are
generally smaller than those from the suspensicitmade The underlying
reason(s) is (are) not known to the present authors

4) TheEg values from CU and CD TC tests performed underratise similar
conditions are not significantly different from &agther. The main reason
appears to be that the strain rate is not slow giméo ensure fully drained
conditions at small strains immediately after th&tsof CD TC loading.
This issue is discussed in detail later in thisgoap

5) The Ey values from CU and CD TC tests using BS and DCp$ssnare

generally in good agreement with the correspondingalue, particularly
with the value from the down-hole method. Howevitre E; value
becomes relatively smaller than the corresponéivglue at greater depths.
This result suggests that BS and DC samples rettiéwm large depths are
not totally free from the effects of sample disanmbe caused by a relatively
large pressure relief. Other possible reasonthferdiscrepancy are;

a) inherent anisotropy in the elastic deformaticopprties at this site;



Table 3.2(c.  Physical properties sedimentar soft rock (Tokyo Bay mouth, site 3

Content (%)

Water Total Finer

D(i?)th Soft rock type content | density Coarser than

(%) | o glem) | than 0.0741 ¢ o7,

mm
~12.5 Muddy fine-sandstone 25 2.00 40 60
Muddy sand &

12.5~42.0 Sandy mudstone 26 1.96 51 49
42.0~65.3 Muddy fine-sandstone 25 1.99 50 50
65.3~78.0 Muddy fine-sandstone 25 2.01 27 73
78.0~102.0 Sandy mudstone 25 2.00 32 68
102.0~110.0 Muddy sandstone 31 1.89 40 60

Gravel-containing coarse

110.0~125.0 sandstone 27 2.00 38 62
125.0~157.0 Muddy fine-sandstone 24 2.03 49 51
157.0~178.0 Tuff-coarse-sandstone 25 1.99 63 37
178.0~211.1 Muddy fine-sandstone 27 1.97 54 46

211.1~220,0 | Muddyfine-sandstone & |57 1.95 59 41

Tuff-coarse-sandstone
Tuff-gravel-containing
220.0~ coarse-sandstone 23 1.92 79 21

Table 3.2(d). Physical properties of sedimentary soft rock (ToBay mouth, site 4A).

Water Content (%)
Depth Total density|  Coarser i
Soft rock type content E h
(m) (%) p+(9/cnt) | than 0.074 0.074 mm
mm
5.9~87.5 Sandy mudstone 33 1.88 11 89
87.5~109.0 Muddy fine-sandstone 28 1.97 46 54
109.0~126.6 Muddy fine-sandstone 25 2.00 26 74
126.6~142.8 Muddy fine-sandstone 25 1.98 25 75
142 8~ Muddy fine-sandstone & o4 202 o5 75
sandy mudstone

b) effects of different strain rate between the f€€ts and the seismic
surveys.
It is shown later in this paper that the effectshafse factors would not be significant
with the sedimentary soft rock at this site. Aedir comparison between tl® and E;
values for a number of sites, including the Saganailtest site, is shown later in this paper.



Site 2P
.5' ]
=
>
o] .
E Depth from seabed
b —o— 16m ]
g —a— 50m -
S —0o— 100m
o
(0]
o

—=a— Mudstone
at Sagamihara

0
1E-3 0.01 0.1 1 10 100
a) Particle size (mm)

100

~N © 9O
o O O

o
s
> ?
2 60
Q / 4
£ 50l * Depth from the seabed
/
g Y —O— 10m 1
8 40 / -
S —A— 50m |
% 30} —0O— 100m 7
& 200 0 O —&— Mudstone ]
’/ D at Sagamihara
101 Q/ A/A ]
0 " Lol " Lol " Lol " Lol " Lo
1E-3 0.01 0.1 1 10 100
b) Particle size (mm)
100 | 3 — - .
%o Site 4 1
5 8oF y / .
g 7op /A/ d ]
) AP / ]
~— 60| / d .
[} /
= L / 9 Depth from seabed ]
&= 50 A/
% A/ / d —O— 10m
< 4o 74 |:|/ —A— 50m ]
8 30l J -/ —O— 100m -
& 7 /:‘ —4— Mudstone 1
20F, O ) b
* g0 at Sagamihara
10 -D/n/ .
0 1 1 1 1
1E-3 0.01 0.1 1 10 100
Particle size (mm)
c)

Figure 3.14. Grain size distributions of mothell ab Tokyo Bay mouth (sites, 2P, 3P and 4A), coraf
with the one at Sagamihara test site (Kodaka @04l0; Hayano 2001).

Tokyo Bay Mouth Bridge Project

General: A long suspension bridge is being planned to besttooted at the mouth
of the Tokyo Bay to complete a loop of highway ecloig the Tokyo Bay (Fig. 3.1). Fig.
3.11 shows the seabed at the mouth of the Tokyo Bayewing. 3.12 shows the geological
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profile along the planned route of the bridge iatiitg the locations of the two anchorages,
1A and 4A, and the two piers, 2P and 3P. The ami@ central spans of the bridge are
planned to be 720 m-long and 2,250 m-long. Thigel@entral span, which is larger than the
2,000 m of the Akashi Strait Bridge, is necessargdan over a relatively wide depression at
the center of the channel at the mouth of the ToRyy (see Fig. 3.11). The supporting

ground of the bridge is basically sedimentary softkk deposits with the bedding direction

inclined as shown in Fig. 3.12. On the eastere,spdunger deposits of the Kazusa group
(the early Pleistocene epoch) dominate, while envtbstern side, older deposits of the Miura
group (the late Miocene and Pliocene epochs) damina

From the early 90’s, a detailed and advanced gboieal investigation started.
Based on experiences gained from the geotechmeakiigations and their evaluation by
comparing the predictions based on their result#h wihe observed behaviours of the
foundations for the Akashi Strait Bridge and RawwbBridge, it was decided to perform
advanced SOA geotechnical investigations. The sigations aimed at accurate
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Figure 3.15b. Distribution with depth of compressstrength from U and TC tests, sedimentary
rock Tokyo Bay mouth, site 2P  (Kodaka et al. 2088yano 2001).

characterization of the stress-strain-time propsrdf the concerned sedimentary soft rock,
particularly those at relatively small strains thaduld be actually operated in the ground.
Differently from the previous similar cases, inalhuglthe Akashi Strait Bridge, the following
SOA technologies were utilized in a systematic wathese investigations, performed at the
design stage:

1) A large number of field in-bore-hole seismic\ays were performed not
only to identify the geological conditions, but @l evaluate the elastic
deformation properties for the use in numericallysig to predict the
ground deformations and the displacements of théings under static as
well as dynamic loading conditions.

2) A large number of PMTs were performed with atomnof strain level
involved so that the results could be interpretaking into account the
non-linearity of stress-strain behaviour.

3) A great number of core samples were retrievedni®ans of the SOA
technology of RCTS.

4) A great number of triaxial tests were perfornmd RCTS samples. In
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these tests, axial strains were locally measureddsnyg LDTs and various
loading histories were applied to evaluate not othlg whole pre-peak
stress-strain  behaviour and peak strength but athe stress
state-dependency of elastic deformation propestigsviscous properties.

Another reason for such detailed and advanced ¢geaitml investigations as above
is that it is necessary to evaluate as accuratpoasible the strength and deformation
characteristics of the sedimentary soft rock depasipporting the foundations so that the
following two contradicting requirements could ladisfied:

a) It is requested to make the construction cokiasas possible. To this end,
with respect to the foundation design, it is neags$o make the footing
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dimensions as small as possible and to make tivatalas of the footing
base as shallow as possible.

b) The design seismic load for civil engineeringustures has increased
significantly after a great number of civil engineg structures were
seriously damaged during the 1995 Kobe Earthquakine (
Hyogo-ken-nambu Earthquake). Moreover, the planloedtion of the
bridge is inside one of the highest seismic agtizitnes in Japan, close to
the epicenter of the 1923 Great Kanto Earthquake.

A number of difficulties were encountered duringdfd geotechnical investigations
because of offshore investigations at a relatidelgp sea. Part of the results obtained from
these investigation performed so far is reportddvhe
Soft rock type: The geological age becomes younger on the eagsetrof the site. The
grain size of the mother soil type at shallow paftthe sedimentary soft rock deposits are not
uniform. As seen frorkig. 3.13 andTable 3.2, the grain size is relatively coarser at sites 2P
and 3P than at sites 1A and 4A. This trend cam ladsseen from the grain size distributions
of the crushed and ground sedimentary soft rockptesmetrieved from several depths at sites



2P, 3P and 4PF{g. 3.14). This characteristic trend of grain size digitibn reflects in
different ratios between the compressive strenfibi®m unconfined compression tests and
those from CU and CD TC tests at different sitesslaown below.

Compressive strength:Figs. 3.15a through3.15d show the distribution with depth
of compression strength from U tests (except fier $A) and CU and CD TC tests, all using
RCTS core samples. In the TC tests, the specinvens reconsolidated isotropically to the
respective field effective vertical stress. Theahstrain rate was 0.01 %/min. It is seen
that the difference in thgnax value between the CU and CD tests is not as obwasuat the
Sagamihara test site. It may also be observedthieadifference between thgg and max
values is generally larger in the layers where sam is dominant, typically at site 3P. At
the early stage of investigation performed in tA&,70nly unconfined compression tests were
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Figure 3.16. Comparison df., from CD TC tests at the four sites, Tokyo Bay mouth (Kadat al. 200(
Hayano 2001).

performed on RCTS core samples as laboratory sttems tests. It can be readily seen
again from the results presented in Fig. 3.15 tiratunconfined compression strength is not
at all representative of the compressive strengtlteufield stress conditions, especially with
the sandstone of sedimentary soft rock.

Fig. 3.16 compares themax values from CD TC tests on RCTS samples retrieved
from the four sites. It may be seen that the gtieat sites 1A and 2P (on the western side),
where the deposits are older, is generally largan tthat at sites 3P and 4A (on the eastern
side).



Fig. 3.17 shows the dependency of the shear stremgth=q,.,./2 on the effective
minor principal stress at failureg’,,, at site 3P, where the stability of the foundatoas
deemed to be lowest among the four sites. Theg wbtained from CU and CD TC tests
using RCTS samples. The effective failure envelogg a rather large friction component,
reflecting the fact that sandstone is dominanhiatgite. The failure envelope appears to be
relatively unique for different depths and for ehe&d and undrained conditions, which means
that this failure envelope can be used convenienttiie failure analysis of the ground at site
3P based on the effective stress.
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Figure 3.17. Failure envelope in effective strieamn CU and CD TC tests for sedimentary soft rcsite

3P, Tokyo Bay mouth (Wang 1996).

Small strain stiffness: Figs. 3.18a through3.18d show the distribution with depth
of the following different Young’s modulus values:

1)

2)

3)

4)

Undrained elastic Young's modulug, =2(1+v, )G, = 2@+v, )i V)],
obtained from the suspension method (local up-hsdésmic survey)
performed in the offshore bore holes from which ecaamples were
retrieved by RCTS: The averaBevalue in each sub-layer is indicated by
a segment of vertical line.

Initial Young's modulusk, (= (E\)o), defined at axial strains less than about
0.001 % from CD and CU TC tests locally measurir@lastrains with a
pair of LDTs using RCTS samplesFig. 3.19 shows results obtained from
a CD TC test on a sedimentary soft rock retrievedhfsite 4A, which is
typical of the above. The&g values are denoted Bs(CU) andEy(CD) in
Fig. 3.18.

Eso values from unconfined compression tests (meaguaxial strains
externally) using RCTS samples (except for site. 1A)

Epvwt Values from pre-bored pressure-meter tests ewalubased on the
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seismic survey, Tokyo Bay mouth, site 1A (KodakaleR000O; Hayano 2001).

isotropic linear theory using a Poisson’s ratio aquo 0.3.
schematically illustrated ifrig. 3.20, the Epyt Values were obtained from
the average slope of the primary loading curve ahitve lift-off pressure
(i.e., after the balloon became in contact with bloee hole wall) and the
reload curves of small amplitude unload/reload eychpplied during
otherwise monotonic loading. TheBgyur values are denoted &s, E;, E;

andE;z in Fig. 3.18.

The following trends of behaviour may be seen fiigs. 3.18a through 3.18d:
The Esp values from the unconfined compression tests drerlyl not
representative of the small strain stiffness ofimedtary soft rock under

1)

Distribution with depth of Yousgmodulus from TC tests and PMTs and -
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field stress conditions.

2) The Ey values from CD and CU TC tests (using RCTS sampétsa
respective similar depth are not particularly diéf® from each other.
TheseEg values are generally slightly smaller than Baealue. This result
suggests that most of the RCTS samples were somekgtarbed, which is
inevitable because the RCTS was performed at aféskites where the sea
was relatively deep.
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The above two trends of behaviour are similar tséhobserve at the Sagamihara test

site.

3) TheEpur values from the average slope of primary loadingye (denoted
asEp) are generally similar to théspvalues from the U tests. This result
also explains why the full-scale field ground defation and structural
displacements are often over-estimated by conwveditianalysis using such
Epuwr values (Tatsuoka and Shibuya 1991; Tatsuoka andat£o1995;



Tatsuoka et al. 1995a & 1999a). In comparisony#iees ofE,, E, andE;
are noticeably larger than tlg value at the same depth and some data
show values that even exceed Haevalues. It is likely that these trends of
behaviour described above are due not only to dseckstrain amplitudes
and decreased effects of disturbance at the bode khall during
unload/reload cycles from which the value€efE, andE; were evaluated,
but also to increased pressure levels at whichetlstiffness values were
evaluated. In fact, the effects of pressure lewelnoticeable on the small
strain stiffness evaluated by triaxial tests apmyuinload/reload cycles with
a small strain amplitude at various isotropic Sresates using RCTS
samples from these siteBigs. 3.21a thoughd). This result shows that
effects of both strain and pressure level (and ehok loading history,
inherent anisotropy, heterogeneity and etc.) shdddaken into account
when interpreting data from field loading testglsas PLTs and PMTs.

The data obtained from a series of geotechnicatstgations performed for the
design of the suspension bridge at the mouth offtkgo Bay are well consistent with those
obtained from a number of previous projects desdriln the precedent sections. Yet,
well-controlled laboratory stress-strain tests eatihg the effects of influencing factors are
necessary to have a general framework of the s$tesig-time properties of sedimentary soft
rock, which are described in the following sections

RECENT FINDINGS OF STRESS-STRAIN-TIME PROPERTIES

General

In this section some recent findings regarding s$tress-strain-time properties of
sedimentary soft rock obtained from a comprehenserées of laboratory stress-strain tests
on sedimentary soft rock are summarized. The teste performed to interpret and better
understand the relationship between laboratory fasd tests and between test results and
full-scale field observations, as described above.

Small strain stiffness
Engineering implications of elastic deformation aeristics: Compared with

uncemented relatively soft soil, the stress-stia@ghaviour of sedimentary soft rock is
generally more linear. In the test described ig. B.19, for example, a small amplitude
unload/reload cycle was applied many times durithggiovise monotonic loading to evaluate
the elasticity and its stress state-dependencyffateht stress states. It may be seen from
Fig. 3.19b that the stress-strain behaviour iserainear and recoverable until the axial strain
becomes 0.01 %. Moreover, the tangent stiffnesmadxial strain of 0.1% is still about a
half of the initial stiffness (Fig. 3.19d). Whehet linearity of stress-strain behaviour is
relatively high, as described above, the stiffnassmall strains (say less than 0.001 %),
which represents essentially the elastic deformagimperties, could be linked to stiffness
values that are back-calculated from full-scalédfi@bservations in construction projects on
or in sedimentary soft rock deposits. Tatsuoka léadata (1995), Tatsuoka et al. (1995a,
1997a, 1999a) and Izumi et al. (1997), among otlmeported that when the non-linearity due
to strain and pressure level (or more generallsstistate) and the effects of loading history,
among other factors, are properly taken into act,dhe stress-strain properties to use in the
numerical analysis for the evaluation of full-scéildld ground deformation and structural
displacements could be deduced rather confidertbed on the elastic deformation stiffness
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Figure 3.18d. Distribution with depth of Young'®odulus from TC tests and PMTs and field sesmi
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evaluated from field shear wave velocities, as shbelow.

Fig. 4.1 summarizes the relationships between the ratidhef secant Young’s
modulusEse:to the average undrained Young’'s moduliggrom field shear wave velocities
for depths (equal to 3.2 GPa) and the major praicgtrain & (in the logarithmic scale)
obtained from an extensive series of investigatipegormed at the Sagamihara test site to
evaluate the stress-strain properties of sedimgrdgaft rock. Here, the values of secant
Young’s modulusEsec Were evaluated by the following different methdds the deposit of
sedimentary soft rock for depths down to about 50penformed at the first stage of
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Figure 3.19a&b. Deviator stress and axial strailation from a CD TC test, sedimentary soft roatky
Bay mouth, site 4A (Hayano 2001).

experiment described in Fig. 3.3a:

1) CU and CD TC tests locally measuring axial straomscore samples from
the site: It is assumed for this plot that the initial améximum value of
Esec from the CU TC tests, denoted Bg(CU), is the same as the average
value ofE (equal to 3.2 GPa), which is deemed to have bb#&ired under
undrained conditions. It is also assumed thatvdiee ofEy from the CD
TC test is smaller by a factor dfL+vg)/(1+v;) than the value from the CU
TC test performed under otherwise the same comdititdere, v5 is the
drained elastic Poisson’s ratio, which is assuneeblet equal to 0.2 and;
is the undrained elastic Poisson’s ratio, whicAdsumed to be equal to 0.43
for the sedimentary soft rock at the site. Thhe,alue of (1+vg)/(1+Vvy)
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2)

Young’s modulus and axial strain relation from a CD T&,teedimentary soft roc
Tokyo Bay mouth, site 4A (Hayano 2001).

becomes equal to 0.84. The continuous relatiosstignoted as BS(CU)
and BS(CD) were obtained from CU and CD TC testisguBS or DC core
samples, which were least disturbed among those insthis study. The
relationships denoted as Patterns I, Il and 11l miee results from TC tests
using RCTS samples, which were generally more distliin the increasing
order of I, Il and 1ll. Based on the TC test résyderformed by Kim et al.
(1994), it is assumed that the average valuB,ab the same between the
BS and DC samples and the RCTS samples.

Plate loading tests using a rigid plate with a deter of 30 cm or 60 cm:
Plate loading tests (PLTs) were performed in tis¢ aelit at a depth of 35 m
and the tunnel at a depth of 50 nEp (D) denotes the values of Young's
modulus obtained based on the isotropic linearrthgom the relationships
between the plate load and the plate settlememglprimary loading. In
this case, the values of Young’s modulus from udilog/reloading curves
were only slightly larger (by about 20 %) than tledues from the primary
loading curves. Theg, value in this plot is equal to the plate settlemen
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Figure 3.20. Schematic diagram showing the désimit of shear modulus in PMTs.

3)

4)

divided by the plate diameter.Ep (S) denotes the values of Young’s
modulus obtained based on isotropic linear theooynfmeasured vertical
normal strains in the ground along the central axfisplate. When
compared withEp (D), these values OEp 1(S) are deemed to be more
accurate being free from the effects of beddingreat the ground surface,
including extra compression of a thin disturbed ezdiormed during
trimming the ground surface. On the other hafg(S) scatters much
more thanEp 1(D), perhaps becauds (S) reflects much more sensitively
the non-uniformity of the ground.

Pressure-meter tests (or bore hole lateral loadiegts; BHLTS): Two
types of pre-bored pressure-meter tests (PMTs)oamedtype of self-bored
PMT were performed. Egy 1(M) denotes the values of Young’s modulus
obtained from pre-bored PMTs in which only monotoprimary loading
was performed and both cavity expansion and cawvayl pressure were
measured by using pick-ups located above the graumthce. On the
other hand,Egy 1(C) denotes the values of Young’s modulus from the
self-bored PMTs in which small unload/reload cyclesre applied during
otherwise monotonic loading (as schematically itated in Fig. 3.20),
while both cavity expansion and cavity wall pregswere measured by
using pick-ups installed inside the balloon. Inhboases, isotropic linear
theory was used to evaluate the shear modulus, Wwhich the Young’s
modulus was obtained by using an undrained Poissatio. The ground
strain g shown in Fig. 4.1 is the value at the boreholel.wdk may be
seen that the value of, is much larger wittEgy (M), and therefore, the
values ofEgy (M) are much lower than the valuesk, +C).

Back analysis of the full-scale field behaviouridgrexcavation of the shatft,
test adit and tunnels and their behaviour duringrtiequakes: The
respectiveEgec value was obtained from the maximum strain in dheund
(plotted as the ground straig, in Fig. 4.1) and the corresponding stress
back-calculated by the FEM in the respective case.

The following trends of behaviour may be seen ffam 4.1:

1)

The relationship labeled BS(CU) (from CU TC s$essing highest quality
core samples obtained by BS or DC) is consistetit thie results from the



100,00

f —0—GL-17m—0— GL-22m (a@)1A
GL-38m—v— GL-45m
GL-56m—+— GL-57m
< GL-75m—%— GL-98m
(&)
2
u 10,00
1,00 el el S
0.1 1 10 100
100,00 T T ———
I —O0— GL-14m—242— GL-35m GL-40m (b)2P:
—o— GL-52m GL-70m—x— GL-78m ]
GL-89m——— GL-98m— 1 — GL-107m
—m— GL-133m X
"'X/O
€
S
% 10,00(
< r
ur
1,00 L L

0.1 l 1 l -------10 l ll“lllOO

Isotropic confining pressure,’ (kgf/cmz)

Figures 3.21a&b. Dependency Bf on the isotropic confining pressure from TC te$tskyo Bay moutt
sites 1A & 2P (Kodaka et al. 2000; Hayano 2001).

2)

3)

4)

field loading tests and the full-scale field obsgrons at relatively small
strains, while the one labeled BS(CD) is consistath the results from the
field data at relatively large strains. This ish@gps because the drained
condition becomes more prevalent with an increag@e strain level. This
good agreement can also be attributed to the lfattthe effects of pressure
level on the stress-strain behaviour are insigaifian this case (see Fig. 3.8).
Among the relationships denoted by Patternisdnd Il (from TC tests using
RCTS samples), those denoted as Patterns I(CU) I@id) are most
consistent with the results from PLTs and PMTs &mel full-scale field
observations. It may also be seen that the relstips labeled Patterns I
and lll, in particular Pattern lll, are not repretive of the field behaviour.
Despite the use of a very light support systeitiis experimental excavation,
the largeste, is relatively small, about 0.2 %, at the wallstioé shaft and
the tunnel.

It is significant that th&secvalues from the field loading tests and full-scale
field behaviour can be linked to the averdgevalue by referring to the



strain-non-linearity of stiffness evaluated by @ tests on core samples that
are not seriously disturbed (i.e., BS core sam@ad RCTS samples
exhibiting Pattern | relation). This good agreetn@an also be attributed to
the fact that the effects of pressure level ondiiftness are insignificant in

this case.
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Figures 3.21c&d. Dependency on the isotropic con§ pressure of, from TC tests, Tokyo B:
mouth, sites 3P and 4A (Kodaka et al. 2000; Hayz0udl ).

A similar comparison with the sedimentary soft rafkhe Kazusa group has been
obtained from the full-scale field observations add during the construction of the
foundations for an 800 m-long suspension bridgeintstav Bridge) and related field and
laboratory tests (Izumi et al. 1997). Part of tbsults is presented Fig. 4.2. The effects
of pressure level on the stress-strain behaviauabso insignificant in this case. Therefore,
a comparison of stiffness considering only theistren-linearity is relevant. This result
also shows the importance of the elastic propefoeshe prediction of the deformation of

relatively stiff geomaterial, such as sedimentanfy sock, and related structural displacements
at working loads.

Fig. 4.3 summarises the relationships between the ratiBsQfto E; and the major
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Figure 4.1. Comparison of Young’s modulus fromolattory and field tests and fidkale field behaviot
sedimentary soft rock (Kazusa group), Sagamihatssite (Tatsuoka et al. 1997a).

EIOOO — . . : ;
>3 . Full-scale behaviour  CD Triaxial compression
8001 1 \ tests using LDTs 1
e H
%) soo} 1] %
E ! ooEns Wﬂasag aglgggggg o
S Oouon %ﬂg
o al.o
o 400} _
E Pressure-meter tests
S 20f (Linear interpretation of .~
< primary loading curve) %
(j) 0 || L 1 1 X
[ 0.0001 0.001 0.01 0.1 1.0 10
Shear wave velocities Strain, €, (%)

(Suspension method)

Figure 4.2. Comparison of Young’s modulus fromolattory and field tests and fidkale field behaviol
when constructing anchorage 4A, sedimentary sck (Kazusa group), depth= 544 m, Rainbow brid
site (Izumi et al. 1997; Tatsuoka et al. 1997a).

principal strain & (in the logarithmic scale) obtained from the fadlale behaviour of the
ground supporting piers 2P and 3P for the AkastaitSBridge. Pier 2P was constructed on
an uncemented gravel layer (Akashi group of théydleistocene epoch), while pier 3P was
constructed on a sedimentary soft rock deposit éKgioup of the Pliocene epoch with a
geological age of about four million years). Thertical strains in the ground below the
respective footing were evaluated from verticablfisements of ground measured at many
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Figure 4.3. Comparison of Young’s modulus fromdiegests and field fulscale behaviour, sediment
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1993; Tatsuoka and Kohata 1995).

depths along the central axis of the footing. Mhmerals that are indicated beside each data
point denote the numbers of the sub-layers couinted the top layer. ThEsecvalues from
the full-scale field behaviour were obtained byeln 3-D FEM analyses. The analysis used
the in-ground strains observed until an intermediednstruction stage when the average
pressure at the bottom of the footing became addwtif of the final value at the completion
of the pier construction (about 12 kgffm(Yoshida et al. 1993). The respective
back-calculatedEs. value is denoted aSrey, Which has been divided by the respectiye
value of each sub-layer measured by the down-h8le&ging performed before construction.
Epvt denotes the Young’s modulus from primary loadingves in pre-bored PMTs evaluated
based on the isotropic linear theory. Since thairstevels in the PMTs performed at the
sites were not reported, they were estimated tabloeit 0.7 % by referring to the similar test
results.

The following trends of behaviour may be noted friéig. 4.3:

1) The largest ground strain was about 0.2 %, wtadimilar to the full-scale
field behaviour exhibited at the Sagamihara tdet si

2) The sedimentary soft rock and uncemented grdeebsits showed two
clearly separate relationships.

3) These two relationships exhibit a marked noediity, while the ratio

Erem/Er approaches 1.0 as the ground strain decreasesd®Wa&01 % or
less. It should be noted, however, that the treéindon-linearity of these
two curves have been made larger by effects ofeaspre decrease on the
stiffness of the sedimentary soft rock (sandst@me) the gravel. That is,
the stiffness values at shallower sub-layers shbale decreased noticeably



Figure 4.4a.

by a decrease in the pressure during the excavafignound prior to the
construction of the piers, which was to a depth4in for pier 2P and 19 m
for pier 3P.
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Pleistocene clays, sedimentary soft rocks and cemixed soils (Tatsuoka et al. 1999a).

4)

It appears that the values Edfui/Er become higher than th&gw/E; values
at the same strain level. This would be due mdimihe fact that th&pur
values were measured at pressure levels that wagh higher than the
values in the ground before construction while Hpew/Es values became
smaller by a decrease in the pressure level assdciwith ground
excavation.

It has been shown that the FEM analysis can simle full-scale behaviour of the
piers 2P and 3P when based on the Young’s modhiiliuem field shear wave velocity and the
non-linearity by strain and pressure level evalddig triaxial tests (Siddiquee et al. 1994,
1995; Tatsuoka and Kohata 1995; Tatsuoka et aPd)99 The triaxial tests were performed



on core samples of sedimentary soft rock (Kobe grand 30 cm-diameter ‘undisturbed’
samples of the gravel (Akashi group) (Tatsuokd.et391).

Comparison of elastic stiffness between laboratang field measurements:To
confidently use the elastic deformation charadiessof sedimentary soft rock evaluated by
either laboratory stress-strain tests or field rm@ssurveys as a basis for the prediction of
full-scale field ground deformation and structudaplacements, it is essential and necessary
to ensure that the elastic stiffness from laboastress-strain tests, such as triaxial tests using
high-quality undisturbed samples (as shown in F&$0 and 3.19), and the corresponding
value from field shear wave velocity are consistesith each other. Fig. 4.4a shows a
comparison of the elastic shear modutisfrom TC tests and the elastic shear mod@us
from field shear wave velocity obtained in relatimna number of research and construction
projects in Japan for a decade preceding 1997. dEBwoenaterial types for these data are
Pleistocene stiff clay, sedimentary soft rock, sdéty improved by in-situ cement-mixing
(denoted as DMM; the deep mixing method) and cenméxéd sand used to construct
large-scale offshore fills (denoted as Slurry amg)D The latter two types of cement-mixed
soil technologies were developed and used in thenskiokyo Bay highway projects
(Tatsuoka et al. 1997b). TH& values were obtained from Young’s modukisevaluated
by TC tests or small amplitude cyclic loading traxests assuming that the elastic undrained
Poisson’ ratio(l/vh)O is equal to 0.42 and 0.5 for, respectively, sediag soft rock and clay.
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Figure 4.4b. Comparison betwe&y from TC tests and>; from field shear wave velocity 1
sedimentary soft rocks (Kodaka et al. 2000).



Fig. 4.4b (Kodaka et al. 2000) shows a similar summary éalirmentary soft rock.
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4.4b (Kodaka et al. 2000) shows a similar summary fedimentary soft rock.

Also

included in this figure is the data that was oledimfter the summary presented in Fig. 4.4a
was made from the geotechnical investigations pexd for the design of the suspension
bridge being planned for construction at the maitthe Tokyo Bay.

The following trends of behaviour may be seen fiigs. 4.4a and 4.4b:

1)

The values 065y andG; are generally in a reasonably good agreement with

each other not only for sedimentary soft rock, &lsb for Pleistocene clay
and cement-mixed soll.

2)

With sedimentary soft rock, the agreement isegalty better with theGy



values obtained by triaxial tests using undisturlsadhples retrieved by
block sampling (BS) or direct coring (DC). It ids@a the case with
cement-mixed soil (Fig. 4.4a). That is, for thensavalue ofG;, the value
of Gp of RCTS samples is generally smaller than the valuBS and DC
samples.

3) The scatter is noticeably larger with t8g values of RCTS samples than
with those of BS and DC samples. Despite the excalie to effects of
anisotropy and/or heterogeneity in the sedimensafy rock deposits, it is
very likely that RCTS samples were more-or-lessudied and the degree
of sample disturbance was not consistent at diftedepths and different
sites and during different sampling operationsqiiaka et al. 1995b).

It could be concluded based on the results predemteigs. 4.4a and 4.4b that;

a) for a given mass of sedimentary soft rock uralgjiven stress condition,
there exists only one kind of elastic modulus, Whoan be evaluated by
either relevant static stress-strain tests or siwa&e velocity measurements
(field measurements in practical cases); and

b) the elastic deformation properties could bedbgential basis to obtain the
stiffness values to use in the prediction of fu#le field ground
deformation and structural displacements.

Detailed evaluation of elastic deformation charaisics: To get a deeper insight
into the link between statically and dynamicallyakzated stiffness values at small strains, it
is necessary to better know about the deformatwarsibility and the effects of strain rate on
the stress-strain behaviour at small strains, esg/than about 0.001 %.

Fig. 4.5 shows the values of peak-to-peak secant Young#uie,Ee, and damping
ratio, h, plotted against the average axial strain ratevden respective peak stress states in
each cycle. These data were obtained from draanedundrained cyclic triaxial tests using
a single specimen (5 cm in diameter and 10 cm ightheof sedimentary soft rock from the
Sagamihara test site (Kohata et al. 1995; Tatswich Kohata 1995). The sample was
isotropically reconsolidated to the field effectivertical stress (4.8 kgf/cih The axial
strain amplitude applied was first 0.0007 % andht@€08 %. In each set of cyclic loading
tests with the same strain amplitude, ten cyclesimfisoidal stresses under first undrained
and then drained conditions were applied from tighdst strain rate (data poiA) toward
smaller strain rates. The data points denoteB agere obtained at the end of a series of
cyclic loading with the same strain amplitude dftedent strain rates. It may be seen that the
effects of cyclic loading history on the measurealiyg’s modulus and damping ratio were
insignificant (in particular when the axial stramplitude was 0.0007 %).

The following trends of behaviour could be seemfiiéig. 4.5:

1) At axial strain rates exceeding about 0.0008 i#4/in both cases where the
axial strain amplitude was 0.0007 % and 0.008 %, Bk, value from
drained cyclic loading tests (in which the drainagtves were kept open) is
essentially the same as the value from undraineticcioading tests (in
which the drainage valves were kept closed) peréaromder otherwise the
same conditions. This test result shows that tiik for nearly fully
drained conditions can be ensured only when cyldading tests are
performed at sufficiently low strain rates withghmudstone of sedimentary
soft rock.



2) The drained Young's modulus that would be obseérin ‘drained’ cyclic
loading tests with an axial strain amplitude of0D® % at sufficiently low

106 LELALLLL BELRLLLL BRI LR LR B AL B AL B RLLL B AL

o 0 O o Pl = BN
>Hard rock core / !
B

=] B B 8 |

- . ﬁ 6 ;TN : 850 : 4
- 8 g L
o L 2 e e '—ZJI—:/— \ /
R 9‘8 ?\ //? \\_.// ]
L Concrete ? ‘\ Ultrasonic wave,
Mortar
Resonant-column
10° N .
e Sagamihara soft rock (U)]
S
<
ur
Metramo silty sand (U) ap clay (U)
10"

X0 ./ Sandy gravel (D) '

ol
BCS s mm ]

o pd oo o O Wet Chiba gravel (D).

s BC Saturated Toyoura
sand (V)

B \VAYAY
v VY ARK
a0a RAOAD > Ajr_dried :

a A4 gA oo 855330@& Hostun sand (D)

10° | / N ]
EVaIIerlcca clay (U) N.C. Kaolin (CU TC)E

10° 10* 10° 10% 10" 10° 10" 10° 10° 10°
Axial strain rate, €/dt (%/min)

Figure 4.6. Summary of the dependency of quasttiel&oung’s modulug, on strain ratgTatsuoka ¢

al. 19994, b), obtained from:

1) Cyclic triaxial tests (U; undrained and D; drainedpagamihara soft mudstone, OAP clay and gravel,
air-pluviated Toyoura sand (e= 0.658 aatf, = o', = 1.0 kgf/cnd); air-pluviated Hostun sand (e=
0.72and0',=0.8~2.5 kgf/cnt and c',=038 kgf/cnd); compacted Metramo silty granite sand
(0',=4.0 kgf/cn®; Santucci de Magistris et al. 1999); Vallericcayc{ditto).

23 CU TC testsNC kaolin p. = 3.0 kgf/cni, K= 0.6~1.0).

Unconfined cyclic tests and ultrasonic testard rocks, concrete and mortar (Sato et al. 1997a



strain rates is noticeably smaller than the un@civioung’s modulus for the
same strain rate. This would be due to the faat the shear modulus is
essentially the same under undrained and draineditcans, while the

Poisson’s ratio is noticeably different under umtked and drained
conditions.

3) The damping ratio$), under undrained conditions are not totally negley
even at an axial strain amplitude of 0.0007 %. Thby elastic behaviour
during cyclic loading should exhibit zero dampiraios, which may be
approached at strain amplitudes lower than 0.0007 ¥herefore, the
deformation modulus evaluated at strains (or steamnplitudes) of around
0.001 % should be called “the quasi-elastic modulgtsuoka et al.
1999a).

4) A high rate of increase in the damping ratiodwatdecrease in the strain rate
evaluated for an axial strain amplitude of 0.0007 utder ‘drained’
conditions is due to the complicated interactionwieen the fabric of
sedimentary soft rock and migrating pore water.

Di Benedetto and Tatsuoka (1997) showed that tiperttiency oEeq andh on the
strain rate under undrained conditions seen in.Fgsa and 4.5b (and similar behaviours
under undrained and fully drained conditions exkiiby different types of geomaterials)
could be simulated by a linear three-component modehe model consists of a linear
elastic component connected in series to a paanother linear elastic component and a
Newtonian dashpot connected in parallel. It isvahdater in this paper that a non-linear
three-component model, which is an extension oflitear one, are able to simulate the
whole loading rate effects on the stress-strainabielir of geomaterials, including creep
behaviour, different pre-peak stress-strain behagi@nd peak strengths during monotonic
loading at different constant strain rates and cgdfeof change in the strain rate on the
stress-strain behaviour.
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Figure 4.7. Eleven unload/reload cycles applieds@iropic stress state, sedimentapft rock, Toky:
Bay mouth, site 4A (Hayano et al. 1999b; Hayano1200

Fig. 4.6 summarizes the effects of strain rate on the gglastic Young’s modulug,
(i.e., the values o, defined for an axial strain of 0.001 % from MLteeandEe values for
an axial strain amplitude of about 0.001 % fromlicytoading tests) for different types of
geomaterial (Tatsuoka et al. 1999a, b). The fdhovirends of behaviour may be seen from



Fig. 4.6:

1) TheE, value is generally more dependent on the strasnwath less stiffer
materials.
2) The dependency &, on the strain rate becomes smaller with the irszréa

the strain rate, becoming negligible at straingdaeger than a certain value
(see also Fig. 4.5).

A number of experimental results have shown thatfifte-grained geomaterials,
such as sand and clay, tikg value evaluated by static (monotonic and cycliadiog)
stress-strain tests performed at a strain rateishadt extremely low is comparable with the
value from shear wave velocity measured by, fomela, the bender element method under
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otherwise the same test conditions (e.g., Tatsub®®4; Tatsuoka et al. 1994, 1995c,
1999a&b). The trend of behaviour 2) described abiswconsistent with this fact. That is,
the elastic (or quasi-elastic) deformation chardsties of geomaterials, including
sedimentary soft rock that does not include disooittes significantly, can be evaluated by
relevant static stress-strain tests (Shibuya e1@02; Tatsuoka 1994; Tatsuoka et al. 1994,
1995c¢, 1999a&b).

Dependency of elastic modulus on the isotropicioon pressure: The elastic (or
quasi-elastic) deformation properties of sedimgntoft rock (in particular less cemented
ones, such as sandstone) could noticeably depetiiednstantaneous stress statEig. 4.7
shows typical stress-strain behaviour during eleurload/reload cycles of deviator stress
with an axial strain amplitude (single) of abouD@L % applied to an isotropically
reconsolidated sample obtained from site 4A at mheuth of the Tokyo Bay. The
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Figure 4.9 a&b. Dependency of vertical quasi-&a¥bung’s modulus on the vertical stress; compal
of different functions: a) Tokyo Bay mouth, site ;4d b) Sagamihara test site (Hayano 2001).
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0

quasi-elastic Young’'s modulus in the vertical di@e, E,, was defined as shown in this
figure. Fig. 4.8a shows the relationships between the quasi-el&stinng’'s modulus, E,,
obtained from undrained and drained conditions #mel effective confining pressure,
evaluated at various isotropic stress states usorg samples of sedimentary soft rock
retrieved from three sites (Sagamihara, 4A at ToBay mouth and Akabane-bashi),
including those presented in Fig. 4.7. The axiais rate in these tests was 0.01 %/min.
The core samples from the three sites are all feaimentary soft rock deposits of the
Kazusa group, obtained by BS (Sagamihara and Alabashi) and RCTS (Tokyo Bay
mouth).  The in-situ effective overburden pressufe',), is about 5.0 kgf/cih
(Sagamihara), about 13.5 kgf/EfTokyo Bay mouth) and about 1.0 kgf/tikabane-bashi).

It may be seen from Fig. 4.8a that a pair Bf values evaluated under undrained and
nominally drained conditions are essentially thesaperhaps for the same reason described
in relation to the data presented in Fig. 4.5. mly also be seen that the, value is
noticeably pressure-dependent andrétaionship is significantly non-linear.

Fig. 4.8b shows the same relationships plotted on a fulldliligmic scale. The data
presented in this figure could be fitted with linealationships:

E, =(E)o ma‘clalo)m ®.1

where (E,), is the value ofE, when o', is equal too',; andm is the exponent. Note
that Eq. 4.1 cannot represent properly the measwletionships as the confining pressure
o'. approaches zero. The following equation is tleeeebetter than Eq. 4.1 to represent
the E,-o', relation for a wider range o&’, starting from o', =0:

E, =(E)[f(C+a'Ja)la+ Q)] = Bf Cry+a)> (4.2)

whereC andB are constantsBE (EV)O/[a‘OEQ1+ C)]O's). An exponent equal to 0.5 is used
considering that the cohesive property of sedintgragaft rock is reflected in the coefficient
C, while the pressure-dependency becomes the sartiee a@verage value for uncemented
geomaterials, which is about 0.5, when the coeifitlC is introduced.

Figs. 4.9a, b and c compare Egs. 4.1 and 4.2 and another linear oelatith the



respective measured relation. It may be seen Hgat4.1 can represent very well the
respective measured relationship except wlen is very close to zero. When it is

necessary to fit the data for a range @f starting from zero to a certain value, Eq. 4.2
would be more relevant. Despite the limitationpressed above, the exponemof Eq. 4.1

is used below to represent the pressure level-digmey of E,, because the m values have
been obtained for many other available sets of. datamay also be seen from Fig. 4.9 that a
linear relation is not relevant.
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Figure 4.10. Pressure-dependency of vertical eelastic Young's modulus of varioug/pes o
sedimentary soft rock (Kodaka et al. 2000; Hayad@13.

Fig. 3.21 shows theE, -log,,(o".) relationships in the full-logarithmic scale, sianil
to those presented in Fig. 4.8b, obtained for dunsentary soft rock deposits at the mouth of
the Tokyo Bay. A close examination of the dataspmeed in this figure shows that the
exponentm is generally larger for larger particle diametefshe mother soil and for smaller
geological ages. Fig. 4.10 summarizes such relationships for different typeancemented
and cemented geomaterials, reported by Kohata.etl@97), together with the average
relations presented in Fig. 3.21.

The values of the exponemtfor different types of geomaterial obtained ascdbsd
above are plotted against the respective mean thalg, in Fig. 4.11. The values o0Dsg
of sedimentary soft rock were obtained by cruskang grinding the respective oven-dried
core sample until all the material passed a siei# &n opening of 0.42 mm. The
geological ages for the sedimentary soft rocksredeto in this figure are as follows;

a) Kazusa group at Sagamihara siteThe Kazusa group has a geological age
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from about one to five million years (the Pliocetme early Pleistocene
epochs). The geological age at a depth of 50 theaBagamihara test site,
from which the core samples that were used to olitee data presented in
Fig. 4.11 were retrieved, is estimated to be athiotimillion years.

b) Kazusa group at Akabane-bashiThe core samples for the data presented
in this figure were obtained by BS from a Kazusaugr deposit at a
construction site of a subway in the mid Tokyo (&gki et al. 1999). The
geological age of the deposit is estimated to loeiatovomillion years.

C) Tokoname group in the Chita Peninsula (close to dyagCity): The
geological age of the Tokoname group is about wveix million years of
the late Miocene to Pliocene epochs. The core kmmfopr the data
presented in this figure were retrieved from theargpart of the deposit of
this group.

d) Tokyo Bay mouth; The geological origin of the deposits changemftbe
Miura group (the Miocene epoch) on the western sidhe Kazusa group
(the Pliocene to early Pleistocene epochs) ondktem side.

The following trends of behaviour may be seen ffam 4.11:

1) For the similar geological age, the exponarior the sedimentary soft rock
tends to become larger with an increaseDis, approaching the average
value for unbound granular materials reconstitutethe laboratory, which
is about 0.5. This fact suggests that the devetoprof cementation at
inter-particle contacts is faster with soil havengmalleDs.

2) For the sam®sq value, the exponent tends to become smaller with an
increase in the geological age, approaching zero.
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3) Under otherwise the same conditions, the exgomefiom TC tests using
RCTS samples are generally higher than the vahoes TC tests using BS
samples. Some RCTS samples of sedimentary sdftafoihe Kazusa and
Miura groups retrieved from the mouth of the Tokgay that haveDsg
values of around 0.05 mm to 0.1 mm exhibit exposerthat are noticeably
higher than 0.5. One of the reasons for this wdagldhe effect of sample
disturbance. Although this factor should be taketo account when
estimating the exponemh under field stress conditions, the details of the
effect of sample disturbance on the expomeate not known.



Dependency of elastic Young's modulus on generedsstates: With unbound (or
uncemented) granular materials, the Young’s modulys defined for a major principal
strain increment,de, = dg,, taking place in the direction is a rather unique function of the
normal stress,o’,, acting in thex direction (Hardin 1978; Roesler 1979; Jamiolkoweskal.
1991, Tatsuoka et al. 1999a&b). Therefore, thio raft the values of vertical and horizontal
quasi-elastic Young’s modulug, / E, increases in a non-linear fashion with an incraase
the stress ratioo',/ o',, showing the stress system-induced anisotropys(bt&a et al.
1999a-d).

Fig. 4.12 shows the overall stress-strain relationship frarapecial triaxial test in
which a set of eleven ‘drained’ unload/reload cgcieith a small strain amplitude were
applied many times during otherwise drained monotdmading and unloading in triaxial
compression and extension. The test was perforated constant effective confining
pressure equal to the in-situ effective verticabss (8 kgf/crf). The axial strain rate was
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Figure 4.14a&b. Dependency of vertical quasi-&da¥bung’s modulus on; a) vertical stress; an
average stress, sedimentary soft rock, Tokyo Baytmaite 4A (Hayano et al. 1999b; Hayano 2001).
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kept always equal to 0.01 %/min. An RCTS sampieeneed from site 4A at the mouth of
the Tokyo Bay was used in this teskig. 4.13 shows unload/reload stress-strain relations
obtained at an anisotropic stress state in this tékhe hysteresis loops at the initial stage of
cyclic loading are not closed due to the develogneémesidual strain caused by the viscous
properties. The quasi-elastic Young’s modulis was defined for the last cycle where the
viscous deformation had become negligible.

Fig. 4.14a shows the relationships between ti®e values under drained and
undrained conditions and the vertical stress evaluated at various isotropic stress states as
well as those between thg, values under drained conditions am, evaluated at various
anisotropic stress states during otherwise glolaitfic triaxial loading (shown in Fig. 4.12).
The following trends of behaviour may be seen ftbrs figure:

1) The values of quasi-elastic Young’s modulug, , evaluated under
undrained and nominally drained conditions at u#giotropic stress states
are generally similar. This indicates again the trained conditions in
these nominally drained tests could be essentialtirained.

2) The E, values evaluated at various isotropic and anipatretress states
are a rather unique function af', (as represented by Egs. 4.1 and 4.2).
On the other hand, th&, values are not a unique function of the mean
stress o' ,=(o' +0',)/ 2 (Fig. 4.14b) nor the mean principal stress
p'=(c',+20',)/ 3 (Fig. 4.14c). This conclusion could not be obtained
confidently when the values of, were measured only under triaxial
compression stress conditions.

3) In Fig. 4.14a, theg, value becomes gradually smaller during global
reloading, unloading and reloading when compardtl wiose at the same
o', value at the isotropic stress states. This ties@mbmes stronger as the
maximum and minimum shear stresses become largergdglobal cyclic
loading. This phenomenon is due to effects of dpgaia cementation.
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Figs. 4.15a and4.15b show the relationships between tie value and the normal
stress ', in the vertical direction and between thg value and o', obtained from a true
triaxial test using a rectangular prismatic specingescribed in Fig. 2.6. The vertical
direction of the sample during this true triaxiesttis inclined at an angle of 45 degrees from
the vertical direction in the field. In this tesie values ofE, and E, were evaluated at
various isotropic stress state whese, =¢', and also during otherW|se global cyclic loading
of the axial stresso’, with a large amplltude at a constant, = 15 kgf/cnt (Hayano et al.
1999a). The followmg trends of behaviour may éersfrom these figures:

1) The vertical elastic moduluss,, is a rather unique function of the vertical
normal stresso’, irrespective of the stress ratio',/o',, which is in
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accordance with the results presented in Fig. 4.1d° means the
exponent in Eq. 4.1 when the Young’s modulusHs (as represented by the
super-script) and the normal stress is, (as represented by the sub-script
2); that is, m,° shows the effects obr, on E,.

2) The horizontal elastic Young’s modulus, increases noticeably with an
increase ing', =o', at the isotropic stress states. The exponeyit
shows the effects oy, on E,. However, E, is not sensitive to the
change in the value ot’, when the horizontal normal stress, is kept
constant. The exponent,” shows the effects otr, on E,. During
global cyclic loading of o', at a constants’ , the values ofE, decreases
gradually with an increase in the maximum value af (i.e., as the
previous maximum stress ratia',/o’, increases), which is likely due to
the effects of damage.

Fig. 4.16 shows the relationships between the ratioEgf E, and the stress ratio
o',/o', obtained from the test described in Fig. 4.15 andther similar test. It may be
seen that the raticg, / E, noticeably increases with an increase in the strao o',/0",,
which is basically the same trend of behaviour asemented soils. A similar result of
sedimentary soft rock was obtained by Kohata €t1805).

The test results presented above show that theiceldsformation properties of
sedimentary soft rock, in particular those havihg elastic deformation characteristics that
are noticeably dependent on pressure level, co@dorne more anisotropic at more
anisotropic stress states in the similar way agmented granular materials.

Non-linearity dueto Strain
As described above, the dependency of stiffnespreasure level of sedimentary
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mudstone of the Kazusa group at the Sagamiharasiiesis relatively small.

Thus, the

non-linearity of stress-strain relation observe®€d or CU TC tests of BS samples (as shown
in Fig. 4.17a) is due mostly to the non-linearity due to str@nshear load leve)/qmay)-

The non-linearity of stress-strain relation could bensibly represented by the
relationship between(E, )., /(E,), and g/gmax (Shibuya et al. 1991; Tatsuoka and Shibuya
1992), as those from CD TC tests showirig. 4.17b, where (E, ),, is the tangent Young’s
modulus and(E, ), is the initial and maximum value ofE, )., (i.e., the elastic Young's
When the stiffness is noticeably dependent on

modulus at the isotropic stress steg).

pressure level, the non-linearity observed in aTDtest is due to combined effects of strain
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(or d/gmay and pressure level, as discussed in detail byakobkt al. (1997). To obtain the
value of pressure level-depende(t, ),, at an given stress state, Tatsuoka et al. (1999a)
proposed an approximate method using the presswed-ihdependentE, ), /(E,), and
0/dmax relationship while taking into account the effeofspressure level on the values of
(E, ), anddmax It is to be noted that the stiffness of sedirmgnsoft rock becomes more
pressure-dependent by sample disturbance. Theredarincreased degree of non-linearity
with the RCTS samples seen in Fig. 4.17 is asstiith an increased pressure-dependency
of stiffness.

It may also be seen from Figs. 4.17a and b thatnthelinearity of stress-strain
relationship is largely different between the B8l & CTS samples. In addition, the trend of
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non-linearity is very similar among the BS sampjletrieved from a depth of about 50 m),
while the variation in the non-linearity is tremeud among the RCTS samples. This is due
to the effect of sample disturbances, which cowddsignificantly different among different
RCTS samples.

Tatsuoka et al. (1994) and Tatsuoka et al. (19%¢&a¢gorized the relationships
between (E, ),,/(E, ), and ¢/gmax Of the RCTS samples presented in Fig.4.17b ihteet
different patterns, I, Il, lli(upper) and Illi(lowgras shown irFig. 4.18. The curves denoted
as Patterns | and Il represent the respective gearationship, while the curves denoted as
[l (upper) and Il (lower) show the upper and lovunds. These relationships in the form
of E../E,(=E./E )-& relations are also presented in Fig. 4.1. Tsuhioatal. (1994)
and Tatsuoka et al. (1997a) also showed that tineerigal analysis using the stress-strain
relation Patterns | is most consistent with theitesfrom PMTs Fig. 4.19a) and those from
PLTs Figs. 4.19b and4.20). Fig. 4.20 also compares results from similaalygsis of PLTs
performed on a sandstone deposit of the Kobe gedupe bottom of the excavation to a
depth of 61 m where anchorage 1A for the AkashaiSBridge was constructed (Siddiquee et

Figure 4.21a. Directions of DC sampling in thertei{at a depth of 50 m); Sagamihara site (Tatsuc
al. 1997a).
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al. 1994, 1995). In this analysis, the field strevain behaviour was estimated based on the
field shear wave velocity and non-linearity duestmin and pressure level from laboratory
stress-strain tests (i.e., TC tests). The effe€tpressure level on the stiffness, which are
usually much more important with sandstone thanstane for a similar geological age, were
taken into account by the approximate method desdrabove.

Other Important I ssues

Inherent anisotropy Fig. 4. 21 shows the compressive strengihax and the initial
and maximum Young’s modulugy, obtained from CU and CD TC tests performed on DC
core samples retrieved from different directionsthe tunnel at a depth of 50 m at the
Sagamihara test site (Fig. 3.3a) (Tatsuoka et%74). It may be seen that the degree of
inherent anisotropy in the deformation and stremfjfracteristics is not significant, although
it is not negligible. To obtain more general caisobns regarding this issue, a more
systematic investigation at many other differemicpk is necessary.

Strain localisation: Sedimentary soft rock exhibits shear banding wfegling
under pressure higher than a certain level. Hawrad. (1999b) investigated this issue by
performing plane strain compression (PSC) test8®mrore samples (12 cm high, 4 cm wide
in the g, direction and 6 cm long) of mudstone retrievedrfra depth of about 50 m at the
Sagamihara test site. The PSC apparatus is dépictgg. 2.4a. The deformation of shear
bands was obtained by locally measuring both aaadl lateral deformation as shown in Fig.
2.4b. They also performed TC tests on RCTS sanipdes the mouth of the Tokyo Bay to
evaluate the deformation characteristics of sheardd by a method similar to the one
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illustrated in Fig. 2.4b

Figs. 4.22a shows the relationships between the deviator steesl the locally
measured axial strains measured on the two opplasésl planes, wherer', was acting,
and their average obtained from a PSC test at findog pressure of 0.8 kgf/cm Figs.
4.22b shows the relationships between the deviator staesl the lateral strains measured
locally at three levels across a specimen widthtaed average from the PSC test. It may
be seen from these figures that local straif)g,;,, and &cam, . representing the
deformation of the zones not including a shear pandibit an elastic rebound in the
post-peak regime. Fig. 4.23 shows the relationships between the shear stotggyalong
the shear band and the shear deformation of ther laed obtained from a series of PSC and
TC tests. It may be seen that the shear stregs diram the peak value to the residual value
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after only a shear deformation increment in theeof 1 mm. Further study is necessary
regarding the effects of soft rock type and confinpressure on this behaviour.

Viscous properties: The loading rate effects due to material viscpugperties on
the stress-strain behaviour of geomaterials, inofydsedimentary soft rock, could be
significant, in particular as approaching the shiadlure state (e.g., Tatsuoka et al. 2000,
2001). The stress-strain behaviour presentedgnZ=10 was obtained from a CD TC test in
which the strain rate was changed stepwise setigres and a couple of creep loading stages
were included during otherwise monotonic loadinghis behaviour was simulated by a
non-linear three-component model illustratedFigy. 4.24 (Hayano et al. 2001). As the
non-linear three-component model is described taildeby Di Benedetto et al. (2002) and
Tatsuoka et al. (2002), only the basic framewonkresented below.

According to this model, a given strain incrementdecomposed into elastic and
inelastic (or irreversible) components as:

de=de® + de" (4.3)

The elastic strain increment is obtained by theohgiastic model(e.g., Hoque and Tatsuoka
1998; Tatsuoka et al., 1999a8@s:

& = & E%(0) (4.4)



where E°(o) represents the elastic modulus (or more genethky elastic deformation
stiffness matrix), which is a function of instantanis stresso as well as other soil
parameters including instantaneous void ratio,sstreistory and etc. A given stress is
decomposed into the inviscid (non-viscous) andotsaccomponents as:

o=0"+0" (4.5)

where o' is the inviscid stress, which is a non-linear fimc of £ (and stress history
parameter in the case of cyclic loading). The ilogdate-independent f ~ &" relation,
as represented ag' ("), is called the reference stress-strain relation! is the viscous
stress representing the viscous properties. Winis a unique function of the
instantaneous irreversible stra#f and its rate&f =a¢" /ot (and others) irrespective of
loading history in the case of monotonic loadindneve & is always positive, this type of
viscous property is called the isotach type (Suki§9). Generally, this type of viscous
property could be represented as:

ol =H"(",&,p,d,.....) .

where gy, represents the viscous stress of the isotach gpeH” denotes a function of
instantaneous values of and & as well as other parameters, among whichnd d
represent the effects of instantaneous pressuet #&d specimen void ratio. As' is a
function of £", p andd, Eq. 4.6 could be simplified into:

O =H'(0" &) (4.7)
where H' denotes a function of instantaneous valuescdf and &. The experimental

results showed that the following specific formrédevant to geomaterials (Tatsuoka et al.
1999b, 2002):

Non-linear
inviscid component; o‘f

Hypao-elastic
component:

—l-
—l-

Non-linear viscous component; O—"

Hypo-elastic "

model \4\‘
O

(or ")

L
= >

Figure 4.24. Framework of the non-linear thoeeaponent model (Di Benedettto et al. 2002; Tataue
al. 2002).
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T =H,(0) [1,(&). (4.8)

where H,(o') means a function otz " ; and g, (&) is a non-linear function of¢, called
the viscosity function. The simplest form of EB 4:

O =0 [9,(&) (4.9)

When Ea. 4.9 is relevant, from Egs. 4.5 and 4.9hawe:
o=0'(¢")+0" (&) =0 (& )AL +g (&)} (4.10)

The previous study (Tatsuoka et al. 1999d: Di Bettedet al. 2002: Tatsuoka et al. 2002)
showed that the following non-linear function @t is relevant for g, (&)

gv<££)=am1—exp{1—(%+1ﬂ“}] (20) (4.12)

where a, & andm are the positive constants. According to Eq. 4.4X&)=0 when

& =0, then we have a elasto-plastic response witho' (¢"). Therefore, this model could

be perfectly continuous with any conventional elgsdfstic model. In addition, we have
g,(&)=a when &=« , which means another -elasto-“plastic’ response h wit
o=1+a)' (g"(}. The model as formulated above has been calledé¢tv isotach model,

since the model is based on the original propos&uklje (1964) while modifying some

basic concepts (Tatsuoka et al. 1999d; 2000; 200X&)r the simulation of the test result
presented in Fig. 2.10, the deviator stresso’,— o', is selected for the stress parameter

It may be seen from Fig. 2.10 that all the detafl$oading rate effects due to the material
viscous properties are well simulated by the tlu@®ponent model using the same
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parameters for the whole of the test result.

Fig. 4.25 shows part of the result from another CD TC tesh weveral stepwise
changes in the strain rate and creep loading stdgdaag otherwise global loading and
unloading and its simulation by the non-linear doemponent model. In this test, the axial
strain increment at the creep loading stage dwthgrwise global unloading is negative (i.e.,
the creep recovery phenomenon). It may also be 8e# the non-linear three-component
model is able to simulate the loading rate effelcts to the viscous properties (i.e., effects of
step change in the strain rate and creep deformatifosedimentary soft rock during not only



global loading but also global unloading. More aletd discussions on this model
simulation of the stress-strain-time behaviourexdfisentary soft rock are given in Hayano et
al. (2001).

Note that the non-linear three-component model islir@ct extension of the
conventional elasto-plastic modelling by introdgrihe viscous stress component. That is,
the conventional elasto-plastic model is equivaterthe three-component model lacking the
Viscous stress component.
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Figure 4.28. Correlation between two indexes fample disturbare for sedimentary soft ro
(Hayano et al. 2000; Hayano 2001).

Sample Disturbance

It may be seen from Fig. 4.17 that the effects afmgle disturbance on the
non-linearity due to strain and pressure level rg-meak stress-strain relationship could be
significant. Tatsuoka et al. (1995b) showed the effects of sample disturbance with
RCTS samples of sedimentary soft rock are genelaityer in the order of the non-linearity
of pre-peak stress-strain relationship, the peangth and the initial Young’s modulus. This
point is also discussed below referring to a lang®unt of data including those obtained after
the previous paper (Tatsuoka et al. 1995b).

Fig. 4.26 compares the relationships between the initial Ngs1 modulus E,
(=(E, )) and the compressive strengjh.x for the BS & DC samples and the RCTS samples
retrieved from the Sagamihara test sit€ig. 4.27 shows the relationship between the initial
Young’s modulus g, and the elastic Young’s modulus from field sheavev velocity,



corresponding to those presented in Fig. 4.26.may be seen from Fig. 4.26 that with the
RCTS samples, the scatter of initial Young’s moduly is much smaller than that of
compressive strengtinax  Yet, as seen from Fig. 4.27, the scatter ofahifoung’s modulus

E, is much larger with the RCTS samples than withBBe& DC samples. In addition, the
E, value is generally smaller than the field valti@o a large extent with the RCTS samples
than with the BS and DC samples. It is also toted that even theg, values of the BS
and DC samples are generally smaller than the VialgeE; .

Based on the facts described above, the follomng indexes were proposed to
represent the degree of sample disturbance witimsadiary soft rocks (Hayano et al. 2000;
Hayano 2001):

1) Index I, =1-E,/E,
2) 142 =1-(E, danqrq =01/ Eor Where (E, )., q/q.201 IS the tangent Young's modulusg, ),
when the shear stress level q,,,, is equal to 0.1.

The index |, was proposed considering that the value(&f),, tends to become the
minimum when q/q,, becomes around 0.1 (see Fig. 4.17b). Core sanmemg
l,=14,=00 are considered to have not been disturbed ataile those having higher
values of I, and I, are considered to be highly disturbedFig. 4.28 shows the
relationship between these two indexes for the dathe core samples of sedimentary soft
rock retrieved from the Sagamihara test site aadrtbuth of the Tokyo Bay.

The following trends of behaviour may be seen ftbra figure:

1) The values ofl,, and I,, are generally higher with the RCTS samples
than with the BS and DC samples.
2) The correlation between,, and 1, is not high. In particular, the value

|4, Is relatively large opposed to relatively smalllues of I, for a
number of data. This fact means that the comparibetween the
laboratory valueEg, (=(E,),) and the field valueE, may not be sufficient
to evaluate the effects of sample disturbance @ wthole stress-strain
properties of a given core sample of sedimentafy xk, but another
index, such asl,,, is necessary for a more confident evaluationhef t
effects of sample disturbance.

CONCLUSIONS
The following conclusions can be derived from tasults from laboratory and field

tests and full-scale observations with respecdh¢ostrength and deformation characteristics of
sedimentary soft rock:

1. Relevant laboratory stress-strain tests cany péssential roles in
characterizing the non-linear stress-strain-timepprties of sedimentary
soft rock as it has been the case in a numbersefareh and construction
projects in the Tokyo metropolitan area and othedapan.

2. The elastic (or quasi-elastic) deformation abtristics could be evaluated
by triaxial tests using high-quality samples whiteasuring stresses and
strains accurately. In particular, axial strainsuld be evaluated
accurately and sensibly by using a local gaugeh asd_DTs. The elastic
stiffness defined at strains less than about 0%0tom such triaxial tests
as described above is consistent with the fieldueydrom shear wave



velocities measured by field seismic surveys irumlper of research and
construction projects.

3. The elastic deformation characteristics areumction of instantaneous
stress, which could be formulated by a hypo-elastadel, in a similar
manner with the one for uncemented granular mageria

4. The deformation of a sedimentary soft rock dé&pand displacements of
structures constructed on and in it at working $oaduld be reliably
predicted or simulated based on the elastic stffnevaluated by field
seismic survey, while taking into account the dejeercy of stiffness on
strain and pressure level evaluated by relevarmtrédbry stress-strain tests
using high-quality core samples.

5. The degree of inherent anisotropy in the sttengnd deformation
characteristics of sedimentary soft rock (mudstaighe Sagamihara test
site was not significant.

6. In the post-peak regime in PSC and TC tesessttear stress drops from
the peak value to the residual value after onlyhaas deformation
increment in the order of 1 mm.

7. Loading rate effects due to the material viscproperties, including creep
deformation and changes in the stress associatdd stseép and gradual
changes in the strain rate, not due to the mignatiopore water, could be
reasonably simulated by a non-linear three-componesdel, called the
new isotach model.

8. Core samples retrieved by the conventionalryotre tube sampling
method could be noticeably disturbed. Two indeges proposed to
represent the sample disturbance of sedimentaryai.
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OBSERVATIONS FROM EXCAVATIONS - A REFLECTION
Andrew K C Chan?!

Abstract: Observed wall movements from two sets of case testdor a range of de
excavations are presedteThe first from excavations in Hong Kong and #ezon
from excavations on soft clay sites around Asidese cases are discussed and ge
observations made regarding factors affecting thserved movements and de:
parameters relevant to the gieion of behaviour in future excavations. Obsgion:
alone are only sufficient for future design if teedesigns are within the range
experience represented by past cases. More inmplgrtdbservations are needed to ¢
confidence in design predures so that these procedures can then be usgttdpolat
to innovative and more economical designs. Thespepds by showing two examg
where this has been done, one in a recent reclamiatiHong Kong and the other a :
clay site in Bangkok.

INTRODUCTION

The geotechnical engineering design process caernely on calculations alone.
Observations from previous similar projects in $amground conditions enable these design
processes to be refined and unnecessary consergdbshbe removed. In this way confidence
in the design process can be developed leadingpnfidence in extrapolating the design
experience into more ‘adventurous' and economistagstion.

This paper presents a series of case historieatbatssociated with deep excavations.
The main emphasis observation presented here @bderved maximum lateral movement of
the retaining wall element during the excavatioacpss A series of observations contrasts
two types of ground profiles common in SoutheastaAsThe first is a residual soil profile
such as found in Hong Kong where the soils have bezathered from the parent rock. As
such the stress history and the state of stres®iground is difficult to quantify. In this case
a common design approach has been used and thatisgelef suitable soil parameters,
especially the soil stiffness empirically correthteith SPT 'N' values, is investigated by back
analysis of field measurements. The second idlavia or marine clay profile common in
the coastal areas of many Southeast Asian citielsidimng Singapore, Bangkok, Taipel,
Shanghai and parts of Hong Kong. For these psfitee deposition and stress history can be
assessed with some degree of accuracy and reasaaesg#ssments made of the predicted
behaviour under changes in stresses due to enigigeeonstruction. Key factors that
influence the observed movements including the céffeness of various construction
methods are discussed. The final part of the papews examples of where the design
process has been used to extrapolate previousiemperto enable innovative and more
economical construction methods to be employed.

It must be stated that this paper is not intende@raexhaustive or even extensive
review of relevant projects. The author has deditety selected projects that the author’s
company has been associated with over the lase2@ pr so, and these have been selected to
illustrate the main principles of the use of castdnies for the design of retaining walls for
deep excavations.

! Chairman, Ove Arup & Partners Hong Kong Limited



DEEP EXCAVATIONS IN HONG KONG

The case histories of deep excavations in Hong Kavgr a wide variety of ground
conditions. Most involve a thickness of fill thaverlies residual soil, usually completely
decomposed granite. In a couple of cases thaadager of marine or alluvial deposits over
the residual soil. The fill varies significantisom a thin superficial layer of disturbed ground
to 20m thick layer of engineered fill placed astpafr a reclamation process. The case
histories are presented in order of their consownaind are as follows.

Chater Station, Central

The paper by Davies and Henkel (1980) describes floject, now referred to as
‘Central Station’, in some detail. Many geoteclahidifficulties were encountered during the
construction. Significant settlement was obserngeddjacent structures primarily due to the
effects of dewatering but was also due to the lilasiian of the diaphragm walls panels and
the subsequent excavation. As this paper is ctoratgrg on the effects of excavation only
the lateral wall movements associated with the eattan are presented.

Figure 1 shows a summary of the ground conditibas ¢comprise 8m of fill over 8m
of marine deposits over completely decomposed grd@iDG). The excavation at this site
was 26m deep and a 1.2m thick diaphragm wall wasl 8 support the excavation. The
station was excavated using the top-down methot Wie permanent station floor slabs
supporting the retaining walls as the excavatiamgpmssed downwards. The observed wall
movement is also shown in the figure. Unfortunatee movements were only recorded after
the upper slab of the station, the roof, was constd.

The wall has been re-analyzed using @asysprogram FREW (Pappin et al 1986) to
determine the solil stiffness values that give tsdest agreement to those observed. This
computer program represents the wall as line aalirelastic bending beam finite elements
and attaches the wall to a block of soil on eifide of the wall (see Figure 2). The stiffness
of the soil block is assessed using a method basédo dimensional finite element analyses.
The solil stresses are limited to remain within dbBve and passive force limits and internal
arching within the soil mass is allowed. Groundwgbressures are also modeled in the
analysis.

In common with standard practice in Hong Kong thi& ¥oung’'s Modulus E value
has been expressed as a function of the SPT N gallmss per 300mm). As shown in Figure
1 good agreement with observed measurements foethaining stages of the excavation are
observed when an E value of 1.5N(MPa) is usedieiFHill and Marine deposits, E=2N(MPa)
for the CDG, and E=4N(MPa) for CDG/HDG.
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The Hongkong & Shanghai Bank Headquarters, Central

Two sections have been analyzed for the Hongkorfgsh&nghai Bank Headquarters
Building in Central. Both are north-south sectioose being across Queen’s Road Central,
and the other across Des Voeux Road. Humphesah @986) gives details of the soall
conditions, construction method and observed mowtsne The ground conditions for
Queen’s Road and Des Voeux Road are shown in Bddir@nd 4. It can be seen that the
CDG under Queen’s Road has noticeably higher Negathan that at the same level under
Des Voeux Road. Both sections have about 7m lcodiridi/or alluvium over the CDG. A 1m
thick diaphragm wall was used and the basementexeavated using the top down method
with the permanent basement floor slabs suppottiegretaining walls as the excavation
progressed downwards. The depth of excavatioreddretween 16 and 18m as shown on the
figures.

The maximum observed lateral movement of the rigtgiwall varied from 30mm on
the Queen’s Road section to 42mm on the Des Vo@ad Rection. The back analysis shows
the best agreement is achieved with E equal to (M®M) for the fill and alluvium and E
equal to 2N(MPa) for the CDG. This is observeddoth sections.
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Figure 3 — Hongkong Bank Headquarters (Queen’s Road)

Deflection (mm) SPT Nvalue
0 20 40 60 80 100 0 50 100 150 200

0 0 T T T
i — Fil E=15N r-—1Zrr—-——-—-——
o TTOTE T T
T~ Marine E=1.5N _ :;::::

I )

10 R B
LINS L [ N T
| I _NXCDG _ E=2N__!__[ L __

T } L I
TN T
-20 ‘20,‘7*—‘—‘—*—%-%;*‘**777
I L O U SN Bty oy .y =S
- JENR ) N A T t=<rr———_—_—+_1__[____
E [(-oJ-CC-oTCC-I1---C7 S R T B A TR
£ -3 = 30 [ L MDG L L L
8 L _ o _J_____ - I A N R
i3 o
a 8 IR I B
I R T A R E R
I EI IR DU E IR

40 40 |1 [ | | | |

I AT E
NI R Ty O
N S Ry
- -t - === B S Sy

50 , L ; , ey I R ;

R e |~ - I e
oo Mégiurfe‘i*f*ﬂ* Ft— -t ———— -4 — -+ ——— —
Caleylated| | I Fr—d-—t+—————+r—A4——F+————
<+ Props | | R B el e e e e e
-60 -60

Figure 4 — Hongkong Bank Headquarters (Des Voeux Road)



Evergreen Hotel, Wan Chai

This project is described in detail in Walsh anch@{1989). Figure 5 shows the
ground conditions at this site. The depth of eatian was 11.5m and a 24m long sheet pile
wall was used as the retaining system. An arrajenfporary props at about 2m vertical
spacing were used to support the wall. It cand®nshat the horizontal movement of the
sheet pile wall during excavation amounted to al2&umtm.

Again this excavation has been reanalyzed uSiagysFREW to determine the soll
stiffness values that give rise to best agreemenhase observed. For this case, the best
agreement is achieved when an E value of 1.5N(MPPaged for the fill and alluvial sand and
an E value of 3N(MPa) for the completely decompogeahite (CDG). The computed
displacement using these values is shown in Figuré should be noted however that prior
to the excavation, the pile foundations for thejggbwere installed. The piles comprised
driven H piles and the presence of these pilesimsg enhanced the soil stiffness somewhat.
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Figure 5 — Evergreen Hotel

Dragon Centre, Sham Shui Po

Full details of the ground conditions, constructimethod and observed movements
due to construction have been published previously,and Yau (1995). The ground
conditions are summarized in Figure 6 and comptiseof fill over 6m of marine deposits
over an extensive thickness of CDG. In this cade€2e thick diaphragm wall was used and
again the top down method of excavation was usesufiport the wall as the 26m deep
excavation progressed. It should be noted thahinviiOOm distance from the site, the
structures are either supported on footings oredrigiles and are without basement. Hence
the site can be regarded to comprise of a 'vigpil'profile which had not been subjected to
previous dewatering effects.

In common with standard practice in Hong Kong, anping test was carried out
before any excavation was started to demonstratethie wall was adequate to allow draw-
down of water within the excavation without leaditogexcessive draw-down in the ground
surrounding the excavation. Interestingly, thisnping test caused a significant amount of



movement and this is also shown in the figure. Wt pumping test was completed and
the water allowed to rise again within the excawatthe wall displacement reduced to about
half of that observed during the pumping test.

The lateral movement of the diaphragm wall at thegletion of the excavation, at a
typical section, is shown in Figure 6. Back asmyof the movement usingasysFREW,
reported by Lui and Yau, (1995), shows that googterment is observed with an E equal to
N(MPa) in the fill and alluvium and E increasing@rn 1.5N to 2N(MPa) in the underlying
CDG. The calculated movement is shown in Figurdt@s of interest to note that these E/N
values are similar to those inferred from earliemping test for the construction of the MTR
Wan Chai Station by Davies (1987). The movemerthefwall during the pumping test is
better modeled if the Kvalue in the CDG is set close to the active pressoefficient K.
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Figure 6 — Dragon Center

Festival Walk, Kowloon Tong

The geotechnical aspects of this shopping centdr aifice complex project are
described in some detail in Lee at al (2001). Atisa through the deepest excavation at
Festival Walk is shown in Figure 7. This 33m desgavation is located below Tat Chee
Avenue at the northern end of the development. Jreeind comprises a thin layer of fill
over CDG as shown in the figure. A 1.2m thick diieggm wall was used to retain the soil
and the construction method was initially an anetowall for the top two levels of struts and
the top down method commencing at the third le¥gbrops. This method was necessary
because the ground level on the opposite sideeo§ite is about 15m lower than that at Tat
Chee Avenue.

The observed displacement of the wall is also shiowigure 7. It can be seen that
the top of the wall has moved out by about 50mmhisWwas partly due to the anchors
behaving in a flexible manner and partly due to blidding itself leaning away from Tat
Chee Avenue when the anchors were de-stressedk &wdysis of the movement using
OasysFREW shows that reasonable agreement is obsentie@mE equal to 2N(MPa) in the
CDG. It must be emphasized however that in thisutation the overall wall movement is
very sensitive to the assumption of anchor stifnes
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Figure 8 — Hong Kong Station Northern Development




Discussion

Comparison can be made with previously publishedenkations from deep
excavations. Long (2001) gives an extensive datalod lateral movements associated with
deep excavations. Figure 9 shows his summaryxicavations in soil where the thickness of
soft soil is less than 60% of the depth of the eatan. The vertical axis is the maximum
lateral wall displacement divided by the depth xfaration dmax/H) and the horizontal axis
is the Clough et al (1989) system stiffness paramethich is equal to the wall El value
divided by the unit weight of water and the stnpédang to the fourth power. Also shown is

the Clough and O’Rourke (1990) relationship forawations where the factor of safety on
base heave is at least three.

The data from the case histories described ab@vplatted in Figure 9. The observed
movement from the recent Chater House project,rtegan Sze and Young (2003) to this
seminar has also been added. It can be seemthdata generally givesdmax/H value of
about 0.2%. The deep Festival Walk excavation galesver value of 0.15% and the Dragon
Centre job gave a higher value of about 0.3% ofdépth of excavation. Considering all
these excavations were well controlled with stiféll and good propping systems, the
implication is that it will be very difficult to duce the lateral displacement to smaller values.

It is also noted that in the Hong Kong case his®presented above a relationship
was derived between the soil Young's Modulus amdSRT N value (blows per 300mm). It
is recognised that, given the variability of a weaed granite profile, there are uncertainties
in arriving at an average SPT N profile from saaitetest results and in the description of the
materials. There is some evidence that the E/M liatreases at higher values of SPT
(Davies 1987), for CDG/HDG. Alternatively, the elpgations could reflect the higher
stiffness now observed in a variety of soil prcfieg small strains. Generally it is seen that if
an E/N value of 1.5(MPa) is used for fill, alluviuvamd marine deposits and an E/N value of
2(MPa) is used for CDG, then a reasonable and ceoetsee estimation of lateral
displacement will be calculated.
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Figure 9 — Comparison with Long (2001)



DEEP EXCAVATIONS IN SOFT CLAY IN ASIA

Sites comprising a significant thickness of softystlay are common in the coastal
cities of Southeast Asia. Many of these alluvial marine deposits have similar
characteristics. The case histories are from Pmgg Taipei and Shanghai and are again
presented in order of construction. The thicknelsshe soft clay layer is the greatest in
Shanghai.

Newton Station, Singapore

This project has previously been published by Nt (1987) and Gaba (1990).
The ground conditions are illustrated in Figure 10he overall depth of excavation was
14.5m and a 0.8m thick diaphragm wall was usedippart the retained soil. The method of
excavation was a top-down construction with permanencrete floor slabs that also acted as
props to the wall, being cast as the excavatiognessed. The excavation was initiated at the
eastern end of the station and a typical obseratatdl movement of the retaining wall is
shown in Figure 10. The maximum wall movementisid 0.7% of the excavation depth.

Near the western end of the station, the maring lséecame significantly thicker as
shown in Figure 11. An added complication was pinesence of neighboring buildings
becoming quite close to the station. The obsemedements at the eastern end, while being
somewhat less than those predicted would not leeatole at the western end and the presence
of deeper clay would have meant that unacceptattyel building displacements would be
likely to occur. A jet grout raft, installed prito commencing the excavation, was therefore
adopted in that area. Figure 11 shows the deptheofet grout raft and the movement that
resulted from the excavation at that area. It banseen that the jet grout raft was very
effective in reducing the movement. The wall nmaeat in this case is about 0.2% of the
excavation depth.
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Station BL14 of Nankang Line, Taipei

Several stations (BL13 to 16) of the Nankang Lirereavdesigned between 1989 and
1991 and constructed in the early to mid-90's. €hegolved deep excavations in a thick bed
of silty clay and other alluvial materials. Thejact area lies in the so-called K1 Zone of the
Keelung deposits and the geotechnical charactwistf the clay layers known as the
Sungshan Formations are described by Woo and Mi$0j1

Figure 12 shows a section of station BL14 and thmdations of adjacent buildings.
The construction required an excavation of 17.amppsrted by 1.2m thick diaphragm walls
and essentially by top-down method. Stringent tBnon permissible movements were
imposed (e.g. 25mm) by the Client. At the starttied design process, three local case
histories on projects in the same area were baakred usingOasysFREW to calibrate
parameters to be used. Early analysis, and inffeed empirical rule, e.g. Clough et al
(1989), indicates maximum wall deflection in theder of 80 to 90 mm and this when
translated into building settlements would be ueptable. Having considered various
methods to reduce ground movements, and from tiperexnce of Newton Station in
Singapore, it was decided to introduce a 3m thetigjout raft at below the excavation level.

Figure 13 shows the simplified soil engineeringfircand the computed lateral wall
deflection profiles with and without the jet-grordft. The actual "undrained" deflection
profile measured by a typical inclinometer is atbmwn. The jet-grout raft was effective in
reducing the lateral wall deflection to about 22namd contributed significantly to the
protection of the sensitive buildings. The valdedmax/H measured is about 0.12%, being
well below the normal range measured from othejepts in Taipei with no jet grouting.
Further data from this and other stations indicattbnal analysis by FREW gave close
approximation of measured wall deflection profiles.
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New World Centre, Shanghai

A very large number of building projects were becanstructed in the mid to late
1990's in Shanghai. The 250m tall New World Centreated at the heart of the Lu Wan
District, is a typical example. General ground dibons have been described by Chan et al
(1996), and this project involved excavation of-@\al basement. The site is along the busy
Huai Hai Road Central, and the Shanghai MRT Lineluang Pi Station and the running
tunnels are at a distance of about 10m from tleebsitindary (see Figure 14).

Early work on the Shanghai Metro (Liu, 1993) anddng basement excavations (e.g.
Mak and Liu, 1996) in the soft Shanghai clays iatkcthat large ground movements can
occur particularly where workmanship was less tltwmal. In the case of the New World
Centre basement, it was decided to carry out thawation in two phases (Figure 14). Phase
I, further away from the station and tunnels to idvpotentially excessive movements
affecting the metro facilities, has an excavatiepttl of 17.7m, was constructed first to allow
the tower erection to proceed. To reduce groundements, it was further decided to
introduce a buried 'waling' of 6m thickness usiegm mixed cement columns as shown in the
figure.

Figure 15 shows results of FREW analyses and measwall deflection profiles.
The maximum measured deflection was about 40mmenNhase | was complete, Phase |
excavation (for building podium area), two metenalwer at 15.7m, started with a jet-
grouted layer (buried 'prop') below excavation les@vering a large part of the site. This
stronger measure was taken to further ensure sff@ctthe metro works are minimized.



Depth (m)

Figure 15 shows the jet grouting was effectiveimiting the maximum deflection to about
20mm and the project was successfully completedowit causing any undesirable problem.

The value odmax/H with ground treatment measured at varioutsparthe site is very low
at about 0.12% to 0.23%.
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Discussion

Excavations carried out in soft silty clay deposiesn cause relatively large wall
movements. Experience from different sites in Astdies shows similarity and consistency
in observed behaviour. Empirical rules such asu@hoand O'Rourke (1990) give reasonable
first estimate of maximum wall movement. Analysesing FREW with a set of soill
parameters from standard measurements (e.g. stjesngd from empirical correlations (e.g.
stiffness, earth pressure coefficients) can givedgenough predictions of the maximum
movement and profile. Clearly, more high qualitgmitoring data specific to each location
will enhance the confidence in our ability to ptdiperhaps with more sophisticated
numerical analysis and soil stress-strain models.

It should be noted that movements in soft clay i@®fare particularly affected by
actual details of the excavation method and worlghgm and may be time-dependent. To
be of real value, case histories need to recorduash relevant details as possible.

Stringent requirements are often set by buildingti@d or mass transit authorities for
protection of properties adjacent to deep excamafigome being absolutely necessary. In
clay profiles, these movement limits are difficifltnot impossible to satisfy and ground
treatment, such as jet grouting before excavatlmgomes necessary. From the cases
presented, it is shown that such strengtheningusred props' can be effective in achieving a
omax/H of about 0.2% or below.

EXTRAPOLATION TO ENABLE INNOVATIVE DESIGN

In this section two examples are presented whetableshed design methods,
calibrated against previous experience, have bsed to produce innovative and economical
solutions in problems involving deep excavatiomge first is in a recent reclamation in Hong
Kong, followed by one in Bangkok.

Tseung Kwan O Station, Hong Kong

This project, previously published by Ho et al (2p0Oinvolved the use of precast
concrete props in deep trenches such that they iwgrasition just below the final excavation
level. The ground profile comprised about 12mkhéass of recent reclamation fill over 10m
of soft marine clay over 20m of fine and coarsandllm over a varying thickness of
completely decomposed volcanic residual soil. @adly the 1.2m thick diaphragm wall was
designed by Arup to use a jet grout raft just betbes deepest excavation. The jet grout raft
was required to limit the bending moments in thdl wea manageable levels rather than to
restrict lateral deformations.

The Contractor, Leighton-China State JV, proposedlternative scheme comprising
underwater excavation. The wall was constructedl the excavation commenced. At this
stage it became apparent that the marine clay,hadriginally had not reached full primary
consolidation under the action of the recent Wihs steadily gaining strength as it approaches
normal consolidation. The contractor wished to esplthe possibility of eliminating the
underwater excavation scheme and approached Aruget®lop a more conventional
alternative scheme. The use of precast concrefesgowered into 7m deep trenches, placed
just below the final excavation level and secuiethe wall with tremie concrete was jointly
developed between Arup and the contractor. Figueshows a schematic construction
sequence for this work. Again this sequence optaary propping was required to limit the
bending stresses within the already completed dawh wall.



The scheme progressed using the precast beamsmdiiee clay continued to gain
strength and the observed movements of the walvstidhat the predicted displacements
were too large. A back analysis procedure using\WRwvas therefore adopted and revised
soil stiffness parameters developed to match theervled displacement. These revised
parameters, described in details in Pan et al (2G01d illustrated in Figure 17, were then
used in an application of the Observational Mettmeéliminate the buried prop in the latter
part of the excavation. All of this work was cadiout under the Buildings Department
approval procedure.
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MRTA Northern Section, Bangkok

An innovative scheme was adopted in this projedptiimize the construction process
of this major metro construction project in Bangkeke Davies et al (2001). Tunnel Boring
Machines were driven through three station boxes po the completion of the excavation
within these boxes. Figure 18 shows the work gearent at this stage. To facilitate
unimpeded construction progress, tunnel “eyes’hfoeced with glass fibre reinforcement
polymer, were designed at the end walls of theostabox. The construction clearance
between the main diaphragm walls and the tunnebatdeen the internal stanchions and the
tunnel was about 1m. After the tunnels were cotegi¢he station excavation was progressed
using the top down method and eventually the tumethin the station box demolished.
Based on experience of using FREW, a detailedefieiément numerical analysis was carried
out to evaluate the interaction between the turthelwalls and the station stanchions and the
effects of excavation within the station box onsthelements. Figure 19 shows the analysis
of the tunnelling stage of the excavation. The Biigstigations carried out for the design
included self boring pressure meter testing tordatee the small strain stiffness of the soill
profile and give appropriate values for the statdesign. The field and laboratory test
results, in combination with the numerical analyailtowed the design to be expeditiously
undertaken and the tunnelling to proceed with crfce. This is the first time concurrent
tunnelling and station construction has been ua#lert on this scale.
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Figure 18 — Construction Arrangement of Bangkok MRTA
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CONCLUSIONS

The above case histories of showing observed mamwintateral movements of
retaining walls due to deep excavations forms aalade resource of previous experience in
these problems. They show that a combination ofigpality field data and rational analysis
can give the engineer confidence in the designigiieds.

They also lead to the following observations:

1. Well-controlled deep excavations in urban Horané( are likely to cause maximum
lateral displacements of the retaining walls thdk ve between 0.15% to 0.3% of the
final excavation depth.

2. Back analysis of excavation lateral movementsHong Kong shows that for
movement prediction purposes, reasonable and c@iser estimates of displacement
are likely to be achieved by using an Young's ModulE) for soil of 1.5N(MPa) for
fill and alluvium and a value of E = 2N(MPa) formapletely decomposed granite.
Higher E/N values are relevant for CDG/HDG withiity' values.



3. Experience from soft clay sites is widely apglie and can be used with reasonable
confidence for sites around the region.

4. Observations in themselves are only sufficientaf robust design if the current design
situation fits within the range of previous expade. To enable extrapolation to
larger and/or more economical design, it is negcggsause back analysis to validate
and give confidence in the employed design methodlkis process enables these
design methods to be used to extrapolate to inn@vand economical designs with
some confidence.
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CASE HISTORIESIN TRENCH EXCAVATION FAILURES
Y SAu Yeung" and Jessie SM Kwong?

Abstract: Trench excavations are carried out principally ltovainstallation or repair of
public utilities, drains and sewers to serve poadareas. A study carried out by GEO
(2001) found that between 1986 and 2000, there afeleast ten deaths and four injuries
caused by fifteen trench excavation failures ondheinduced slope failures. The study
also discovered a very serious single incident9®6l in which a retaining wall collapsed
killing six people and injuring sixteen others anehch excavation at the toe of the wall
was the main cause of the tragedy. Further infaonaobtained between 2000 and
February 2003 showed another four geotechnicalrtsl related to trench excavations,
adding another four injuries. The observationstluese twenty known trench-related
geotechnical failures revealed that the common esaud trench collapses could be
attributed to inadequate shoring. In the caseaefch-related slope failures, one of the
main contributory factors was found to be inadegutinage provisions to prevent water
ingress into open trenches. This Paper will pregenfactual details of the twenty failure
cases and diagnoses into the possible causes faiiltives.

INTRODUCTION
A search of existing files and information has disred at least twenty trench

excavation failures causing casualties or sericersch-related landslides in Hong Kong. These
twenty trench-related failures resulting in theatatasualties of sixteen deaths and twenty-four
injuries will be reviewed in this Paper.

SOURCES OF INFORMATION

This study includes a review of the readily avd#ainformation on past trench failures.
The sources of information came from various Goresnt Departments, utility undertakers and
newspaper agents. Special attention is paid teethr@nch failures affecting slopes and retaining
walls (collectively termed slopes in this Paper)l amausing public safety concerns. Detailed
studies to diagnose the probable causes of fotlreofrench-induced landslides were undertaken
by GEO'’s Landslide Investigation Consultants.

! Chief Geotechnical Engineer, Geotechnical Enginge@ffice, Civil Engineering Department,
Government of the Hong Kong Special AdministratRegion
2 Senior Geotechnical Engineer, Geotechnical Enging@®ffice, Civil Engineering Department,

Government of the Hong Kong Special AdministratRegion



CASE STUDIESOF TRENCH EXCAVATION FAILURES
Trench excavations are normally carried out tovaliostallation or repair of public

utilities. Many regard the works being minor inture@ and thus tend to ignore the necessary
safety measures. However, it should be notedtheashallowest excavated depth of the failed
trenches reported in this Paper was 1.3 m. In fhetexcavated depths were less than 2 m in
seven out of the twenty failure cases and sevesscagh depths ranging between 2 m and 3 m
when failed. These statistics highlight the pas#dndanger even in shallow excavations, and
precautionary measures should not be neglectece twanty trench-induced failure cases are
reviewed, and their modes and probable causeslufefs are also discussed. The trench-induced
geotechnical failures are categorized into five esydsiz. collapse of trench, collapse of slope
below trench, collapse of slope above trench, pstadue to vibrations and collapse due to poor
backfilling/reinstatement work.

(A) Collapseof Trenches

The primary causes of trench collapses reviewedhia Paper were due to
inadequate or absence of shoring, improper workiragedure or excessive surcharge
imposed on trench sides. Such problems may haare dsised by unsatisfactory contract
specification of the shoring requirements, or by-ecompliance with specified shoring
details, or both.

According to the information collected, eleven aitthe twenty failure cases
involved trench collapsing and caving-in, in whielght workers were killed and seven
injured.

(A1) 30.6.1986 — Kellet Bay near Shek Pai Wan R@al m deep trench, one fatality

(A2) 22.2.1987 — Nga Tsin Long Rqdad3 m deep trench, one fatality

(A3) 11.1.1990 — Along the Fanling bound carriaggwé Sha Tau Kok Rogd?.4 m
deep trench, one fatality

(A4) 6.1992 — Near Lam Kam Road roundabout towa&tsk Kong directiontrench
depth unknown, closure of main road

(A5) 26.2.1993 — Castle Peak Road near Pok Oi itldsg m deep trench, one fatality,

occurred. One of the workers was killed an \"

another one was injured by the collapsed sof .
The collapse was likely to have been caused |
the absence of shoring support and the exterr
loading induced by a heavy vehicle parked at th
trench side.

one injury
(A6) 4.7.1993 — Ping Ha Road, Yuen Long 1! —— 3
Workers were laying pipes inside a 3 rr‘ 3 \ /]
deep unsupported trench when a cave- W e our- L




(A7) 24.12.1994 — Junction of Ferry Street & ManiV@ireet 1.7 m deep trench, one
fatality
(A8) 15.4.1996 — Wang Lee Street, Yu@h—ms
Long
An excavated trench caved in andfgas’
worker was killed by collapsed soils. THg
open trench was about 2.2 m deep. T
probable cause of the failure was reporteg
be insufficient shoring. :

(A9) 5.11.1999 — Sam Mun Tsai Road, TaiPo | ==

Workers were preparing for the installatian ==
of support when the trench side collapsed.
unsupported trench was 2.8 m deep. The fail
caused one death and one injury.

(A10) 5.4.2001 — La Salle Road, Kowloon TeBgn deep trench, two injuries

(A11) 19.2.2003 — Lai Chi Kok Road,
Cheung Sha Wan -

Two workers were injured, one[ =
seriously and one critically, by the|
collapsed trench. They were working”
inside the unsupported 1.5 m deep trenc
at the time of the failure.




(B) Collapse of dopesbeow trenches

Infiltration of rainwater into slopes is one of th&in causes of landsides in Hong
Kong. Open trenches, being more susceptible tittratfon, could lead to failure of
adjacent slopes below if drainage is not adequatalyided.

The following cases were landslide cases likelyh&éwe been induced by trench
excavations at the slope crest. Although no figtalias reported in these cases, there
were near misses. In fact, one person was injimedne case and the economic
consequences (such as, closure of major roads)siggméicant.

(B1) 24.8.1999 — Kennedy Road near 6 Hau Fung Lane

The trench was located at the crest of a slopesandvation work was in progress.
The open trench was left uncovered during a heainstorm. It was likely that because
of inadequate drainage provision on site, water alémsved to enter the trench and
infiltrated into the slope below. A landslide oomd as a result of rise in groundwater
level.

Parapet wall
Kennedy Road

Infiltration of water /

(B2) 2000 — Kennedy Road

A trench of 3 m deep was bein
excavated at the crest of a fill slope
facilitate laying of cables. Sheet pilin
was installed to support the trench sids
The open trench was left uncovered duri
a heavy rainstorm. Surface water w|
likely to have entered and accumulat
inside the trench, and subsequen
infiltrated into the fill slope below. Thgq
fill slope collapsed injuring one passer-H
and causing damages to building a
closure of two major roads.

Failed trench  riginal profile

Landslide debris




(C) Collapse of slopes abovetrenches
When a trench is excavated near the toe of a stpgeejal attention should be given
in order not to undermine the stability of the glajue to the loss of toe support.

Trenching works at the toe of the slopes withowippr supports led to the collapse
of the following two slopes. The failures of whioksulted in the deaths of two workers
and six passers-by, plus the injuries of sixtederst

(C1) 8.6.1966 — Adjacent to La Sallegwy

Primary School, Boundary Street —

A trench was excavated to facilitatef
the laying of cable in the pavement in fron
of a section of a masonry wall. The 2 nj
high, 15 m section of the 76 m long
masonry wall forming the boundary of Lajg

onto Boundary Street during heavy rainfal
The wall collapsed on a bus queue full of
school children at 12:30pm, killing six and}
injuring 16 others. «

Professor Lumb in his investigatiol
report concluded that “the collapse of tt |;
wall at La Salle Primary School was due
a combination of (a) water pressure behi
the wall, (b) poor quality of the mortar i1 | -
the wall, and (c) the excavation at the fo
of the wall”. He went on to say tha |
“Failure might not have occurred if ther |
had been no trench excavated, but 1 |
prime cause of the collapse was wai
pressure...”.

(C2) 6.5.1993 — Tung Chung Road

A pipe was being laid when a worker
inside the trench was struck by a roc
falling from an adjacent upslope. The
trench was 1.5 m deep and support was n”
installed throughout. It was likely that the[ -
slope was disturbed and its stability
undermined by the excavation of the
trench, resulting in the rock fall and ong
fatality.




(D) Collapsedueto vibrations

The stability of slopes with loose boulders or ak surface, or sub-vertical
masonry or brick facing may be vulnerable to vilmatinduced by heavy machinery
operating in close proximity. Two cases of vibwatinduced failures were found.

(D1) 16.1.1991 — Between the pavement of Lung Ghdrioad and ventilation building
of Diamond Hill MTR Station
A worker was hit and killed by pieces of fallen dabrick skin wall while breaking
up a concrete slab at the bottom of a 1.7 m deslrusing a pneumatic breaker. The
sand brick skin wall was attached to the exterrall of a building adjacent to the trench.
The integrity of the wall was affected by vibratimaluced by concrete breaking.

(D2) July 2000 — Slope No. 11SW-D/C547, Middle Gayad

Two landslides occurred at the slope shortly afterkers started to excavate a
shallow trench using a pneumatic hammer to breakhapexisting carriageway during
road kerb construction near the slope toe.

The detailed study of the landslides carried by Gie@cluded that “.The close
correlation of timing between the works and theuoence of the landslides, together
with the location of the active works in close groity to the landslides site, suggest the
possibility that vibrations caused by the hammesdntion could have been a contributory
factor to the failures.” The landslides resultedhie temporary closure of the southbound
lane of Middle Gap Road.

(E) Collapsedueto poor backfilling/reinstatement wor k

Loosely compacted trenches will permit lateral fl@iv water along the trench
through the backfilled material. They will alscateto excessive settlement of roads
which will damage the road structure and will cadaenage to the underlying utilities.
Infiltration through cracked pavement into the lea®il can lead to the failure of the
adjacent downslopes. Three landslides related aorly compacted trenches were
reported.

(E1) 9.1.1996 — Opposite Tsang Tai Uk, Lion Rockiiel Road

When the backfilling work of a trench excavatedhat toe of a fill slope was found
not up to standard, the backfill material had talbg up and re-compacted. After a lapse
of four months, it was noted that continuous crdeks developed on the fill slope.

An investigation report indicated that there werenamber of factors that
contributed to the development of the cracks. ihladequate compaction of the backfill
material during the trench work had triggered sonoeement of the slope above, and the
removal of toe support during the second trenchkevtiad worsen the slope condition.
The incident resulted in the recompaction of thirefill slope.

(E2) 24.8.1999 — Pokfulam Road, opposite the Gair@hristian Cemetery
A landslide occurred at a cut slope above PokfuRarad. Trench excavation works
had been going on along a 3 m wide berm above dheslide site. The GEO



investigation report concludes “It is probable thHatdequate drainage provisions
associated with the construction works along thenbenmediately above the failure led
to a change in site condition sufficient to affdet stability of the slope at time of rainfall.
There was evidence to indicate that concentratefdcai water runoff from the hillside
above the berm had flowed across the recently ocetexbl conduit and onto the
unprotected portion of slope above the landslidéhis occurred due to a lack of
appropriate drainage and protection measures dl@ngewly constructed conduit in the
vicinity of the failure. Furthermore, standing @abf 100 mm to 200 mm deep found in
the unlined trench of 2 m deep would have led ¢oracentrated source of infiltration into
the slope. These conditions are considered to bamerated elevated water pressures in
the materials in the vicinity of the landslide lewglto the failure of the slope.”

Infiltration of surface runoff
at the open gap

Surface
runoff

Original Ground Profile / \

Box culvert

Landslide >

debris \ <.
Gas;

Al
Pokfulam Road =24 " "~
- __———-—-/" —=

Slip surface

(E3) 2.9.2001 - Kwun Ping Road, North of Tsz Waau$

An investigation carried out by GEO reported thatdeep backfilled trench runs
along the crest of a fill slope beneath Kwun Pirga® The backfill material within the
trench was found to be loose at depths with 0.9 theoground surface. Extensive cracks
and ground settlement of the pavement of Kwun Rogd had developed on the surface
of the road probably as a result of the settleroétite loose backfill to the trench.”

A section of the road verge collapsed with the $hideé undermining a narrow
portion of the road pavement. The report conclutlied failure was probably triggered
by the saturation of the backfill to the trench iedrately behind the main scarp and the
build-up of transient groundwater pressure withia telatively thin layer of loose fill”.

Summary of the Main Causes of Failures and Recommendations

It is clear from the information on past failurases that the stability of the trench and
adjacent slopes can be affected if trench excavataye not properly carried out. The main
factors contributing to the failure of trenches aidpes are : inadequate shoring, inadequate
drainage provision leading to ingress of runoffnirthe surface and infiltration, and loss of toe
support. Compaction of backfill upon completionexfcavations is also important as trenches
loosely backfilled with soil will permit almost asuch infiltration from the surface as an open



trench. These common causes of failures coulduegetd inadequate contract specifications of
the works or non-compliance with specifications oth. In view of the problems and
deficiencies, a Guide to Trench Excavations (HyDC&D, 2003) has been prepared and
published to enhance safety of trench excavatipaticularly on the aspects of shoring support
and drainage measures. The Guide is intended denqie a safe and healthy working
environment for all personnel in construction saes the third parties which may be affected by
trench-induced slope failures. The Guide incluthesfollowing major recommendations, among
others, :

a) No worker should be permitted to work in an ypsuted trench with depth greater
than 1.2 m.

b) Excavation of trenches located on or above maderor natural slopes should be
avoided during the wet season if possible. If gatan during the wet season cannot
be avoided, adequate drainage provisions mustdedad to ensure that the stability
of the adjacent slopes will not be adversely aéfddvy any water ingress from the
trench.

c) Trench excavation must be closely supervisezhture compliance with the statutory
requirements and contract specifications.

d) Upon completion of the trench work, the trenchstnbe backfilled with suitable
material compacted to the required density (e.go 85the maximum dry density).

CONCLUSIONS

The review of the past failures of trench excaratiknown to GEO has discovered at
least twenty trench excavation failures or trenuiuced landslides, which resulted in the total
casualties of sixteen deaths and twenty-four iagiriTherefore, the risk associated with shallow
excavations is not low. A Guide to Trench Excawagi (HyD & CED, 2003) has therefore been
prepared and published to enhance safety standéigsnch excavations in Hong Kong. This
Guide is available for download at Highways DepaniniWebsite <http://www.hyd.gov.hk> and
Hong Kong Slope Safety Website <http://hkss.cedigov
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RAFT FOUNDATION ON NEWLY RECLAIMED LAND

Reuben PK. Chu' and Paul K. F. Yau®

Abstract: In reclamation areas, the typical sub-soil peofd a layer of fills
underlain by soft clay layers such as marine alhuiaim deposits overlying
decomposed rock. Owing to the soft cohesive amgrsdture of the deposits,
large ongoing consolidation settlement would oaer a fair long period of
time after completion of reclamation. As a resultipst of the building
structures are supported by piled foundation. Herethe economy of the
piled foundation is much governed by factors suehegyative skin friction on
the piles, the depth of firm stratum, the typetofictures and the intensity of
loadings. Meanwhile, the piled foundation supp@rtatructures would have
created an interface problem between the pile-stggcstructure and the
on-grade supported services laid on the newly ireeld land. An alternative
of shallow raft foundation with appropriate grounshtment would be a more
effective option when the raft foundation settletseare controlled within the
acceptable limits of building structures.

This paper presents one of the case histories hichwshallow raft
foundation has been adopted for the developmeat mewly reclaimed land
in Hong Kong. The detailed geotechnical design id@mations for the
practical applications of raft-type foundation dmetreclaimed land are
illustrated.

INTRODUCTION

In November 1995, Hong Kong Aircraft Engineeringngpany (HAECO) commissioned
Meinhardt Consulting Engineers to design and tagethe project management of the
construction of the Aircraft Base Maintenance Haed at the western end of the reclaimed
Airport platform at Chek Lap Kok. The facility castss of a three bay Aircraft Hanger,
adjoining four-storey workshop and office buildingsd external pavement. The two key
challenges were to create a column clear space X2Z20m capable of accommodating 3 no.
747-700 Boeing and 2 no. A230 Airbus aircraft amel ¢ost-effective foundation design for the
whole complex. The programme required the appboatif fast track philosophy to both the
design and construction. The master plan prepayeddinhardt was signed off in February
1996. The construction began in October 1996 amapteted in July 1998. The foundation
solution supporting the structure is of a shallaft footing to cater for the nature of the ground,
the structure types, the intensity of the loadirays] acceptance criteria of the foundation
settlement. This paper presents the raft foundatttwpted on a newly reclaimed land in Hong
Kong. The detailed design considerations includjraund investigation, performance review
of reclamation work, foundation option with grouimdprovement techniques, foundation
settlement analysis, and comprehensive structtilersent monitoring and review are briefly
described.

1 Director, Meinhardt (C&S) Limited
2 Technical Director, Meinhardt (C&S) Limited



SITELOCATION AND GROUND INVESTIGATION
The site is located at the western end of themn@ed Airport platform at Chek Lap Kok,

about 50m from the vertical seawall (Figure 1)xds a total of about 260mx180m in plan
area. As revealed from the construction recordb@feclaimed platform, the western most
part of the site was reclaimed with Type A/B roikviith a surface capping of Type C sand
fill, while the remainder of the site has beenaeukd with Type C sand fill. The site is of a
general flat platform. A site investigation wasrgad out at the site to identify the ground
conditions, and to establish the sub-soils progerdind geotechnical design parameters for
the foundation design. The investigation consistithe following:

» 15 vertical boreholes with regular sampling antidéad penetration tests

* 22 piezo-cone penetration tests

* 6 seismic cone penetration tests

» 3 spectral analysis of surface waves tests

» Pore water pressures and hydraulic conductivitysmesments

» Laboratory testing of the undisturbed mazier sam@ad bulk samples of sand fill

KEY_PLAN S
CHEK LAP_KOK_AIRPORT ~_

Figure 1. Site L ocation Plan

GEOLOGICAL CONDITIONS

The typical stratigraphy of the site revealed fritra site investigation, is summarized as
follows:

Table 1. Summary of typical geological profiles
Ground Levels Soil Profiles
+6 mPD Ground profile formation Level
-18 mPD to +6 mPD | Fill (Type C or Type A/B)
-47 mPD to —18mPD| Alluvium, consisting of sandikssind clays
-53 mPD to -47mPD| Completely decomposed granite
Below -53 mPD Bedrock of decomposed granite




The investigation indicated that the upper 24mhef ground mainly consisted of fill placed
during the platform reclamation. The area of Typesdhd fill and Type A/B rock fill is
consistent with the construction records. The sHsdinet the reclamation performance
specifications and that the rock fill mainly confeed to Type B rock fill which contained more
fines than the Type A rock fill. The specificatifmr Type B was a grading from 0.002mm up to
300mm. Type A rock fill was a well-graded materath a maximum boulder size of 2m. The
nature of the alluvial materials was clearly idBalile in the boreholes, and cone penetration
tests. The formation of alluvium varied over thie swhich consisted of inter-layered sands,
silts and silty clay. Up to 18m of silty clay ofalium was encountered in some locations. The
granite bedrock was located at about 55m to 60wvb#ie ground. The groundwater level at
the site was generally close to the sea level cfigen +1.5mPD to +2.5mPD. The typical
geological conditions across the site are illusttah Figure 2.
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Figure 2. Typical geological cross section acrossthe site

PERFORMANCE REVIEW OF PLATFORM RECLAMATION

Of particular significance is the long-term residsettiement of the newly reclamation of
the airport platform. The review of the site pemfi@nce on the residual settlement and
liquefaction potential of placed sand fills is cinlesed.

L ong term settlement of airport platform

The design of platform reclamation is a dredgedareation to remove all soft marine
deposits prior to the placing of fill. Becauselw# telatively recent reclamation of the Chek Lap
Kok airport platform at the time of the design loé tproject, significant settlements due to the
consolidation of alluvial soils and/or creep setit of the reclamation fills are still
anticipated. The pore pressures measurements leadobéained from the nearby instruments
and the instruments installed in the ground ingegion works. The excess pore water pressure
at the depth in the alluvium showed that the expess water pressure was of less than a meter.
The measurements were apparently constant, suggekét the primary consolidation of the
alluvial clays was essentially complete. The seaopadompression would be the dominant
mode of the long-term settlement in the alluvium.

The long-term settlement of the airport platforns baen reviewed by the extrapolation of
the settlement monitoring information from the feextensometers and by calculations from
the laboratory testing results for the alluviallsoBased on the above review, the suggested



long term platform settlement for a design life58f years would range from 100 to 250mm
with an average value of 150mm. The differentistlement of the secondary compression due
to the varying thickness of the alluvium and fibwd be much less and not a controlling factor
for the development. The available settlement nooinigy information during and after the
reclamation is useful for the back-analysis ofghb-soils settlement behaviour for the design
of the shallow raft foundation on the reclaimeddlan

Liquefaction potential of sand fill

Liguefaction during dynamic loadings such as seistase is an important consideration
for saturated clean sand fill. However, the sarld di the site has been densified by
vibroflotation such that the minimum tip resistaméeone penetration test was 8Mpa. The site
investigation also indicated that the sand fill nfle¢ specification requirements with the
average tip resistance of approximately 12Mpa. Aalysis of the liquefaction potential of
these sand fill indicates that the densified santhe site lies well below the lower limits of
observed liquefaction of the sand for the approprs@ismic loadings at Chek Lap Kok.

FOUNDATION OPTIONS

All foundation options considered have to satisiy économy, technical and programme
aspects. The two main foundation systems considesddasible options are pile foundations
and shallow foundation with appropriate groundttresnt.

Piled foundation

Piled foundations such as driven steel piles amddpiles were considered but they were

discounted from the value engineering workshopstdulkee following results:

* Low bearing capacity of the piles to cater for riegaskin friction due to ongoing
settlement of the thick alluvial clay extending abhdown to rockhead and long piles
are therefore required

» Driven steel piles not suitable due to high negaskin friction and no sufficiently firm
bearing stratum exists above rockhead

* Much higher construction capital cost for largeardeter bored piles bearing on rock

* Long construction programme and higher risk foagel

» Greater differential settlement between piled bnddand adjacent aircraft pavements
and underground utilities

Shallow raft foundation

For the shallow raft foundation option considertfet most suitable system in terms of
constructibility, flexibility for underground seres, acceptance of differential settlement, less
construction programme and cost are fully evalualdw greatest concerns of the shallow
footing foundation option are of differential settient, total settlement and allowable bearing
capacity of the ground. In the design consideratitime controlling criteria of shallow footing
foundation on sand/rock fill much depends on saitiet performance instead of the allowable
bearing capacity. The factors affecting the shalfoundation settlement performance on the
subject site are:

* Whole airport reclamation platform residual settein

e Additional loadings as a result of shallow footilegdings from the workshop and

hanger structures

* The different properties of sand fill and rock fill

» The different loadings applied from the heavierkabiop building and the hanger pylon
In terms of reclamation settlement, nothing cowdddbne to eliminate the settlement however



the performance review confirmed that the primanysolidation settlement was complete. The
long-term residual settlement would be much lesstave no adverse effects to the facilities.
The remaining three factors were considered irstialow footing options. It was concluded
that and they could be further minimized if an efifee ground treatment was carried out.

Ground treatment by dynamic compaction

The type A/B rock fill was placed by the end dungpmethod and no compactive effort
was applied. Due to the nature of the ground twdmed, dynamic compaction was selected as
the most practical method to improve the stiffnalsthe Type A/B rock fill while the Type C
sand fill covering most of the site had been désiby vibro-flotation, which was further
confirmed by the ground investigation results aadhier treatment was not required. The
dynamic compaction was therefore intended to atlmntreatment of the rockfill to achieve the
similar performance to the vibro-compacted Typefddfill. The acceptance criteria was based
on comparing the results of shear wave velocitysuesl by spectral analysis of surface waves,
Menard pressuremeter and loading tests for botle AYB rock fill and Type C sand fill before
and after the ground treatment. The foundationgteshould also take into account that the
settlement performance of the rock fill and satideind the interface between sand fill and rock
fill could be different from the geotechnical enggming design point of view.

SHALLOW RAFT/PAD FOOTING FOUNDATION DESIGN CONSIDERATIONS

The final form of banded plate-raft foundationtsys which consisted of a 600mm thick
base slab with 1.2m deep overall upstand beanoistad for the workshop building foundation
while the spread footing foundation is adoptedtf@ hanger pylon foundation as shown in
Figure 3. The design of the shallow footing founataton sand/rock fill depend much on the
settlement performance rather than the bearingottgp@he allowable bearing capacities have
been assessed based on the geometry of the fqotmgsling depth, and appropriate soll
strength parameters. The calculated allowable bhga&apacities against shallow shear failure,
and deep seated failure resulting from the allusi@y had adequate factor of safety of at least
3.
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Foundation settlement assessment
The foundation settlement of the site would occua aesult of:
* Whole reclamation platform settlement which is nhathe secondary compression of the
alluvial soils and creep settlement of fills
» Elastic settlement and consolidation settlemernhefreclamation fills and the underlying
alluvial clays due to the applied raft and footiogdings
Estimation of the settlements was carried out basea review of reclamation settlement,
ground investigation results and the loading of fthendation. The settlement at the critical
locations of the foundation was analyzed whichuded immediate settlement, consolidation
settlement and secondary compression. The tdtiEeent due to the workshop building raft
of a plan area 40mx200m of about 150kPa and thgdnauylon’s pad footing of about 300kPa
were calculated. This settlement was in additiotheoreclamation platform settlement. The
estimated total settlements in a design life ofy&&rs are ranged from 300mm to 450mm.

The main concern on the settlement effects todhadation and structures is of the differential
settlement rather than total settlement. The difigal settlement will depend on the variations
in individual loading distribution, variability aofhe sand or rock fill and differences in the
thickness of the alluvial clays and the stiffne$sh® foundation structures. The final raft
foundation design maintained the foundation setl@nibelow a maximum angular distortion
of 1:300 between any two-column positions. The wbdp building and cantilever foundations
would also settle more than the hanger pavementaltiee applied foundation loads. These
different movements were also accommodated byrtimikated transitional slab structures.

Soil-structureinteractions

For the foundation design purposes, the raft fotiodahas been analysed as a slab
supported a series of elastic soil springs to sateuthe settlement effects to the structures.
Using the finite element program “SAFE”, a differeombination of soil stiffness and loading
were modelled for a 3-D raft foundation structunalgsis. Of particular concern, the following
settlement cases for the different soil stiffnesgehbeen assessed:
» Settlement of foundations as a result of the agteucture loading
» Settlement of foundations as a result of platfoeeiamation
* Settlement across the sand / rock fill transition
In the raft analysis, the soil sub-grade modulus ieen allowed to vary from 0.6MNno
20MN/m? to cater for the predicted settlement effects. ddrabinations were examined for the
more onerous results to be used for design purposes

Foundation settlement monitoring

The settlement markers at the critical locationghaf building workshop and hanger
structures are set up for the settlement monitaaimd) performance review. Since construction
began on site in October 1996, settlement mongdnas been continuously taken. The typical
measured total settlement and differential settlgragainst time are produced in Figure 4 and
5. The predicted time-settlement curves for thefrafndation on the reclaimed land are also
given in Figure 4. It could be seen that the mesbtwmtal settlements up to Mid 2002 ranged
from 200mm to 400mm and differential settlementwaein nearby settlement monitoring
points ranged from 20mm and 40mm. The calculatediimam angular distortion between
nearby settlement monitoring points was about 1:T@ measured settlement and differential
settlement are compared within the computed rafddee structures have performed as
predicted. Clearly, the past settlement recordw/ghat the settlement rate has been diminished
at 1 to 2 years after the end of construction. flduerded differential settlements come to a
more stable level at around 1 year after the endoofstruction. Generally speaking, the



settlement effects would be reduced to about 5089% of total settlement, 1 to 2 year after
the end of building construction.
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CONCLUSION

The project demonstrated the importance of unaledstg the geotechnical and structural
design of using a shallow footing foundation wigpeopriate ground treatment rather than the
piled foundation to support the facilities on a heweclaimed land. It also provides the



valuable knowledge and experience in terms of fatind and geotechnical engineering design
and construction. In addition, the fast track pamgme requires an optimization of engineer
decision-making and project management to proddablyantegrated design.
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PENNY’'S BAY RECLAMATION — STAGE 1
EFFECTIVE REDUCTION OF CREEP IN SAND FILL

Michael S Hendy and lan C Muir?

Abstract: Construction of the 200 ha reclamation at Penngg Bommenced on
8 May 2000. The first Contract — Penny's Bay Reaton, Stage 1 — has
recently been completed and the follow on Workslhémastructure is progressing
rapidly. The fill used in the reclamation has coisgd predominantly marine
sand, which has been sourced from various locatiotisn and outside of Hong
Kong waters. Ground treatment has included dredgirihe soft marine deposits,
partial viborocompaction of the sand fill and suncjiag.

At the time of the design, creep in the fill waendified as a major component of
the long-term residual settlement. The comprekensiogramme of geotechnical
instrumentation installed at Penny’s Bay has predidome good quality data for
quantifying residual settlement. This paper dertrafss that vibrocompaction
combined with relatively moderate surcharging hgsicantly reduced the long-

term settlement due to creep in the sand fill.

INTRODUCTION
Penny's Bay Reclamation — Stage 1 (Contract CV®9/s the site formation
Contract for Hong Kong Disneyland under the dimcif the Civil Engineering Department.

The chosen site at Penny’'s Bay
offers the benefits of an area of sheltered
water at the north east end of Lantau and
with  appropriate infrastructure s
strategically placed for future access by
road, rail and sea. The site had been
previously designated for the
construction of a Container Terminal
back-up area and had been investigated
during the early 1990’s under the LAPH
study. Figure 1 is a key plan of the site.

0 . S ;
Figure 1 — Site Plan

Early studies by the British Geological Society hdentified the presence of thick
sediments (marine deposits) to a maximum depthhotia30m and this meant that parts of
the site would be dredged in order to meet thet tigivelopment programme. A summary of
the ground conditions at the site was presented ipaper to the South East Asian

! Formerly with Scott Wilson Ltd, now GCG (Asia) Ltd
% Scott Wilson Ltd



Geotechnical Conference in 2002 (Hendy & Brown @00 The paper summarised the site
deposits as comprising up to 30m of Hang Hau Faoomaiverlying Chek Lap Kok up to 20m
thick with underlying bedrock of predominantly gtanand rhyolite. The Hang Hau
Formation thins towards the coast and the innemidagre it reduced to a depth of about 15m.
The Hang Hau Formation is typical of the area vatlit to firm grey silty clay with shell
fragments and occasional shell beds. The underlgituvium comprises typically firm to
stiff, locally soft grey-brown to orange clay intedded with silty sand. Estuarine deposits
are encountered locally including some organics.

One of the key requirements for the proposed thpamnk was that post-construction
settlement was kept small to accommodate simpladations for the proposed low-rise
buildings and theme park attractions. In lessiseasareas where soft deposits were retained,
ground treatment included vertical drains and sanging. Vibrocompaction with nominal
surcharging was adopted to densify the thick lagerimported sand fill forming the
reclamation.

Vibrocompaction has been used regularly in Hong cKawer the last decade to
densify granular deposits (eg Berner (1998), C4896)). However, with the exception of
rule-of-thumb equations, there has generally bé#da tlata available to quantify long-term
settlement behaviour after ground treatment throlbigbk-analysis of the creep settlement
coefficient,Ca. The Penny’'s Bay site has included clusters oteghnical instrumentation
for examining settlement behaviour during constamct The site has therefore provided a
unique opportunity to investigate the range of go=atmentCa for a vibrocompacted sand
fill.

RECLAMATION PROGRESS

Reclamation commenced on 8 May 2000 with dredgmngreas of the inner bay for
early construction of the main site access roadbGiredgers were deployed in this area due
to the shallow depth to the seabed. The centralgmoof the inner bay was designated for a
future water recreation centre and soft depositeewetained in this area. Following the
initial grab dredging operations, a fleet of traikuction hopper dredgers (TSHD’s) were
mobilised to site. The TSHD’s significantly incredsthe rate of dredging and filling and
enabled the deeper dredging and filling to be edrdut systematically. Towards the end of
the dredging/filling programme, the size of theddyers once again decreased. The variation
of dredger capacity and type varied throughoutGoatract as summarised on Table 1 and
Figure 2, which also give an indication of the aatyaof each dredger and filling production
rates.

DREDGE CAPACITY Filing Daly Quantiies (ulk volume)
Rotterdam 21,000m* 400,000
3 350,000
Amsterdam 17,000m . 300,000 LA
Nile River 17,000m* g 20,000 )

£ 200,000 i /
Pearl River 17,000m? £ 150,000 ' W
100,000 i | '

Lange 13,700m? 0000 T W phAf '
Wapper

JFJ de Nul 11,750m?3

Nov-00
Feb-01
May-01
Aug-01
Nov-01
Feb-02

Table 1 Dredger Capacities Figure 2 Daily Filling Volumes



GROUND TREATMENT

As previously mentioned, ground treatment in dreldgareas comprised
vibrocompaction and nominal surcharging. Figuh8ws the vibrocompaction in progress.
The design intent was generally to densify the 36m of the sand fill to provide a ‘stiff’
upper layer in the sand fill profile. In more skine areas of the site or where greater
loadings were anticipated, vibrocompaction was ifigelcto full depth.

Densification of the top 15m of
sand fill provided two benefits:

Firstly, it reduced residual
settlement within the treated zone by
reducing the void space. Secondly it
provided a stiff but flexible raft, which
would assist with bridging soft or weaker
areas at depth (local soft spots) and
would thus assist with reducing
differential settlement at the surface.
Limiting the extent of full depth
vibrocompaction also reduced the cost of
the ground treatment.

Figure 3 Vibrocompaction in Progress

The design formation level varied across the stteallow for future drainage
requirements and also to allow for settlement. fdllew-on infrastructure contracts would
require additional filling and re-profiling to suibe final layout — information not available
during the reclamation design. Nonetheless, itmasgnised that to minimise re-compaction
of the imported sand fill during follow-on Contractcompaction to formation level was
required during the reclamation. This was achiebgdspecifying vibrocompaction to
Formation level, which had the additional benefitamlucing the risk of settlement due to soft
spots near the surface. In order to ensure themrddwbe sufficient confinement of the
vibrating equipment near the surface, a nominaligh surcharge was specified as part of
the design.

The Specification for the

vibrocompaction was based on well-knowr TOP OF SURCHARGE
correlations between relative density ant g NISHEDFORMATION
CPPT. A 50m grid of CPPTs specified afte| 2m TiP RESISTANCE
completion of vibrocompaction was used as “

basis for acceptance of the ground treatmer 10m >10MPa

The Specified CPT profile in the Contract is coveacteo

presented as Figure 4

20 my > 17 MPa

Several compaction trials were carriec
out prior to undertaking the production
vibrocompaction. The trials assisted witr v
development of an efficient grid spacing anc pEPTHT)
helped determine the most appropriate type or
equipment for vibrocompaction. Figure 4 Specified CPPT Profile

>17 MPa




A spacing of 2.3m was determined for the vibrococtipa points from the trial. The
achievable insitu relative density depends on thedsquality as well as the available
equipment for vibrocompaction. During the desitags, East Lamma Channel was known to
be an available source for some of the 65 millichofnsand required for the project, whilst
the remainder of the sand had to be sourced frasidsuof Hong Kong waters. The quality
of the sand at East Lamma was known to be geneagathg for vibrocompaction but natural
variation in the sand quality was inevitable anel sburce of sand from outside of Hong Kong
waters was unknown prior to tender. To ensure thedn sand was used on site, a tight
grading envelope with a reduced limit on fines eahtvas specified.

One of the biggest single factors affecting thesitgnof the as-placed sand is the
method of placement. At the time of design, theceinent method was unknown although it
was likely that the sand would be placed hydralllicgiven the volume of fill and
programme for the Works. The Specification wasdftge chosen to accommodate all
placement methods. In fact, the Contractor adojptdaydraulic method. Hydraulically
placed clean sand is frequently very dense abavevétter table due to the rapid drainage and
force of placement, depending on the sand qualy-placed relative densities of up to 90%
or more can be achieved without vibrocompactionvabihe water table. Below the water
table the relative density is less affected bylaeement method and a relative density in the
range 40% to 50% is more likely. The Specificatiwas designed to provide a relative
density of greater than 85%.

The objective of the vibrocompaction was, in p&otprovide a consistent degree of
compaction across the site. As expected, theaeglrelative density was found to be high
near to the surface prior to viborocompaction, aedegally dropped suddenly at the water
table (sea-level) to well below the Specificatidhwas therefore necessary to vibrate through
the dense surface layer to ensure a satisfactgnedef compaction had been achieved in the
lower layers and throughout the vibrocompactedilerofhe effect of vibrocompaction can be
seen from a typical CPPT tip resistance profilehi@ sand before and after vibrocompaction
presented as Figure 5.

The method of placement had 4
second effect where fines could :
accumulate in low points. The effectol |
such segregation could only bg -
controlled by carefully layering the fill
during placing and by avoiding
extensive settling ponds. High fines| .
where it had accumulated, would :°
generally reduce the effectiveness of th| *

vibrocompaction. A  detailed
methodology for acceptance of thd
vibrocompaction was therefore

established at an early stage of the si
trials to agree acceptance criteria and {
minimise  disruption  during the
production work.

Figure 5 CPPT Profiles before and
after vibrocompaction



SETTLEMENT BEHAVIOUR

Instrumentation monitoring data indicating the settlement behaviour of the
reclamation during surcharging was used to estimate residual settlements and thereby the
long-term settlement performance of the reclamation. Instrumentation included deep
settlement plates (placed on the seabed prior to filling and shallow settlement markers
placed near formation level. Vibrating wire piezometers were installed where settlement of
the underlying alluvial deposits were a concern or where vertical drains were installed in
retained soft deposits.

Figure 6 presents a set of
time v settlement plots for a sample
location, E16N26, situated in the central
portion of the reclamation and within an
area subjected to full-depth
vibrocompaction. The wupper plot Shallow
comprises settlement data from the
shallow settlement marker, and the
lower plot data from the deep settlement
marker. The data covers approximately
3 months and illustrates the sudden

settlement at the time of Deep
vibrocompaction. In this case,
the  vibrocompaction  resulted  in Figure 6 Settlement v Time at E16N26

immediate settlement of approximately
400mm, or 1.5% of the layer thickness.

The back-analysis of the creep settlement coefficient, Ca, for the full thickness of
settling deposits was possible from review of the shallow settlement marker data alone. To
identify the creep settlement behaviour in the sand fill, the settlement recorded at the deep
settlement marker could be subtracted from the settlement recorded at the shallow settlement
marker. Obviously, the zones of full depth vibrocompaction offered the best opportunity to
identify Ca values for the treated sand, and these areas have formed the basis of the work
presented here.

Data from approximately 50 ©
settlement markers at various locations > 18 :: ,
across the site subjected to treatment Ewo ’“o; : WO T 0 5
over the full depth of the sand fill have gzi s ; R .
been reviewed and Ca values back- 215 o e
analysed. The results of this work are T 107
displayed graphically in Figure 7, with 5]
Ca plotted against fill layer thickness. 0 o o1 ox 02 o 05 o
The plot indicates no apparent Ca®

relationship between the two variables.
Figure 7 Ca versus depth



Values of Ca ranged from around 0.05% to in excess of 0.30% and it can be seen
that a cluster of results occurs at about 0.10%. Statistical analysis of the data, in fact,
indicated a mean Ca value of 0.10%, and a standard deviation in the results of 0.07%. The
upper 95% confidence limit coincides with a Ca value of about 0.20%. These values
compares well with other ranges determined previously for sand fill (e.g. Hendy et al (2001)
and Muir et al (2001)).

The results of the data review indicate the following:
(1) Creep settlement continues to occur in sand fill following vibrocompaction

(ii) The rate of creep settlement with time for the treated zone should mostly lie within a
range of 0.2 %/mm/log cycle or less, indicating the upper bound of this range would
provide a suitable value for use in design.

CONCLUSION

A major reclamation has been constructed at PerBaisin a short period of time
with good quality sand (low percentage of finesyrsed both from within Hong Kong and
outside of Hong Kong waters. The sand fill hasnbptaced hydraulically with modern
dredgers and vibrocompacted to various depths drdbha site. An assessment of the
settlement monitoring data indicates that signiftcdensification of the sand occurs due to
vibrocompaction and this is dramatically illusthtby the sudden increase in settlement
during the vibrocompaction process. Following tiiracompaction, the rate of settlement in
the sand is significantly reduced. From the datrened for this paper, @, value of 0.2%
Is indicated as a suitable design value for a gaopdlity sand fill treated using
vibrocompaction.
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DESIGN AND CONSTRUCTION OF DIAPHRAGM WALL
INADIFFICULT URBAN SITE

Nick C.L.Ho', K.S. Li?and J. Lam®

Abstract: A commercial building with a 3-level basement, Rad by existing
buildings and located in close proximity to the Blakransit Railway station was
constructed at an urban redevelopment site at KWwang. The basement was
constructed using diaphragm walls. It was necessapyvercome many obstructions,
including existing basement, pile caps, unreinfdroencrete piles and reinforced
concrete bored piles. Some of the obstructions wer®ved during construction, but
the large diameter bored piles had to be left ac@l Treatment works were necessary
to accommodate the existing bored piles. The pepscribes the techniques used to
tackle the problems and some new joint details dseaonstruction of diaphragm
wall.

INTRODUCTION

A commercial building with a 3-level basement, Rad by existing buildings and
located in close proximity to the Mass Transit Ray station was constructed at an urban
redevelopment site at Kwun Tong. Figure 1 showddhbation of the site which was divided
into two main areas, namely Areas 1 and 2. Therbest covering both areas, was
constructed using diaphragm walls in a top-downhwo@t The foundation contractor was
responsible for the design and construction of dmegphragm wall. The layout of the
diaphragm wall panels is also shown in Figure 1.

Figure 1 Site location and diaphragm wall laydanp

! Senior Contracts Manager, Sunley Engineering & @anton Co. Ltd.
2 Director, Victor Li & Associates Ltd.
3 Engineer, Victor Li & Associates Ltd.



The project location was an old redevelopment gitea 1 was previously occupied
by a pre-existing building with a basement of 5nina@ight, which covered the whole of Area
1. The building had been demolished prior to thdaeelopment, but the basement remained
in place. To minimize the construction difficultyre outer faces of the diaphragm walls were
set back from the site boundaries by 500mm to 80@mavoid the old basement wall.

A redevelopment project was previously planned Aoea 2. Bored piling works
within the site had been completed and sheetpilese vinstalled along most of the site
boundaries of Area 2. However, the redevelopmeuojept was shelved at the stage, leaving
abandoned bored piles and sheetpiles along thenadigt of the proposed diaphragm wall.

GROUND CONDITIONS

The site is characterized by a stratigraphic secpieh Fill, Marine Deposit, Alluvium
and weathered granite of different weathering gsa8legure 2 (a) shows a typical soil profile
of the site along the northwestern site boundaryerehthe diaphragm wall was more
significantly affected by existing bored piles. ingplified section of the basement for the new
commercial development is shown in Figure 2(b).
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Figure 2 Typical soil profile and details of bassm

DESIGN OF DIAPHRAGM WALL

General
The diaphragm wall was a 1.2m thick wall which a&ong the perimeter of entire site,

except at locations affected by existing boredspdad sheetpiles. The design of diaphragm
wall in Hong Kong is generally more conservativarttihat in many other countries, such as
Taiwan, in terms of wall thickness and reinforcetremtent. The reasons being that:

a. Stringent settlement limits are usually imposaddeep excavation in Hong Kong.
Therefore, a stiffer wall with a higher wall thicdss is often necessary to control

ground settlement.

b. Diaphragm walls are usually constructed in urbié@s where the groundwater tables
are generally high. As a result, the majority aétal pressure acting on the diaphragm
wall is water pressure rather than earth pressuremost cases, a conservative



groundwater level and hydrostatic distribution cdter pressure are adopted for the
design of diaphragm wall to cover the extreme ciomus. In Hong Kong, structural
design of diaphragm wall is commonly based on thésB code BS8110 or the Code
of Practice for The Structural Use of Concrete @ligd by the Buildings Department.
In these codes, the load factors or partial factesd for structural design is 1.4 or
higher, which are considered too conservative whsed to calculate the design
bending moment and shear force induced by consesvdésign water pressures for
reinforced concrete design.

Design of Treatment Works

As shown in Figure 1, there were many existing 8qaiées (1.2m or 2.5m in diameter)
along alignment of the diaphragm wall in Area 2rdassive excavation was not allowed
within the MTRC protection zone (i.e. Figure 1).i§had rendered the most commonly used
methods for overcoming obstruction, namely, chisg)ldown-the-hole hammer or preboring
using the so-called Odex method inapplicable. Bf/@ercussive excavation were permitted,
the reinforcement bars in the existing bored piesild make the excavation difficult, slow
and costly. While consideration was given to remthe existing bored piles by jacking, it
was also ruled out due to technical difficultiesiamore importantly, the risk of excessive
ground disturbance. A decision was therefore madeave the existing bored piles in place
or to partially remove them later during bulk exaton. Treatment works were necessary to
seal off the gap between an existing bored pileinadjacent diaphragm wall panels. Figure
3 shows the design of some typical treatment woeksied out for the project. The salient
features of the design scheme of treatment waeks@scribed below.
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Figure 3 Typical treatment works

a. Diaphragm wall panels were constructed as ¢toseisting bored piles as practicable
to minimize the extent of treatment works. The gagths between existing bored
piles and diaphragm wall panels were to a certaiarg controlled by the size of the
trench cutters or hydraulic grabs used for excawmatlhe maximum gap width was



about 0.8m. The minimum size of a diaphragm watigbavas also controlled by the

excavation equipment. Some of the existing boréespiere so close to each other
that it was not possible to install a wall panetwen two adjacent bored piles.
Therefore, treatment works had to be carried ouaflarger extent. At some location,

the orientation of the diaphragm wall panel hatbécshifted from its main alignment

in order to insert a diaphragm wall panel into gla@ between two existing bored piles
close to each other, as indicated in Figure 3(a).

b. The cut-off levels of the existing bored pilegres several metres below ground
surface. Therefore, the soils above and behind »astireg bored pile had to be
supported during bulk excavation for basement caosbn, which was effected by
the installation of temporary pipe piles, prebokegiles or sheetpiles. The choice of
retaining elements was governed by site conditions.

- For the existing bored piles with a cut-off lewedar the ground surface,
sheetpiles were used because of a lower risk obweriering obstructions.
Even if obstructions were encountered, they migat removed by local
excavation using a backhoe.

- For existing bored piles with a low cut-off leval where it was not possible to
insert a diaphragm wall panel in the gap betwedstiag bored piles, pipe
piles or prebored H-piles were adopted to supploet soil during bulk
excavation. When the lateral extent of treatmentk&/avas significant and if
space permitted, prebored H-piles were used as ¢beld provide stronger
and safer structural elements to retain the sotlindubulk excavation.
Otherwise, 273mm diameter 6mm thick pipe piles vesed.

- The provision of sheetpiles, pipe piles or prelgoH-piles could not induce a
watertight condition during excavation. Therefageguting was carried out to
provide a grout curtain down to the bedrock as péarhe treatment works.
Some pipe piles were perforated to allow soils idetshese pipe piles to be
grouted when grouting was carried out inside tipe jpiles.

Sheetpiles, prebored H-piles or pipe piles werey ardled as temporary structural
elements to support the soil during bulk excavatknr permanent installation, lagging walls
would be constructed between adjacent diaphragrh paglels and/or existing bored piles,
based on the same concept as soldier piles. Thgntagvalls were designed to resist the
water and earth pressures. The loadings from tiggrlg walls were in turn transferred to the
diaphragm walls and/or bored piles. For this reastom diaphragm wall panels to which the
lagging walls were connected were heavily reinfdrteresist the additional shear force and
bending moment.

To facilitate construction, the lagging walls wedlesigned as two-way beams as
illustrated in Figure 4. During excavation, the dagg wall was designed as a simply
supported beam spanning across two diaphragm w&a#lp as indicated in Figure 4(a). The
tension forces at the end supports were resistedolel bars embedded in the diaphragm
wall panels. The dowel bars were secured to thehdsgm wall panel by use of high strength
bonding agent. If the lagging wall was designed asmply supported beam in the horizontal
direction, its performance would very much relytba long-term integrity of the dowel bars.
As a safeguard, the lagging wall was also desi@gsea continuous vertical beam propped by



the basement slabs as indicated in Figure 4(b).Whe entire basement structure was
complete, the anchor bars would become redundd&. cbnstruction of the lagging walls

was carried out in phase with the excavation wonk#) the aid of couplers to connect the
vertical reinforcement bars during construction.
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Figure 4 Design of lagging wall

CONSTRUCTION OF DIAPHRAGM WALL AND TREATMENT WORKS

Some general aspects of construction of diaphragthamd treatment works for the
project have been described earlier by Ho & Chad0l2 Only some new features for
diaphragm wall construction and techniques usex/éwmcome the construction difficulties for
this project will be described in this section.

General

The equipment used for trench excavation includ@i2and 3.2m wide hydraulic
grabs and a 2.8m wide trench cutter. All thesegant had a thickness of 1.2m. Hydraulic
grabs were mainly used for constructing primary gb&rwith steel end plates as will be
described later.

Bentonite was used to stabilize the trench durkgaeation. The verticality of slurry
trench was continuously monitored by a built-inlimemeter in the hydraulic grab and trench
cutter. The vertical alignment of the grab couldshghtly adjusted to maintain verticality of
the slurry trench by hydraulically controlled headvement of the grabs. The same can be
achieved for trench cutters by adjusting movemétheshear plates.

Removal of Obstructionsat Area 1

At Area 1, the existing basement, some pile caplscancrete piles could obstruct the
construction of diaphragm wall. To facilitate diapgm wall construction, part of the
basement slab and pile caps had been removed digmglition of the building with the help
of shoring works shown in Figure 5. Initially, theid space left after partial removal of the
basement slab and pile caps was filled with massrete according to the original design.
The backfilled mass concrete, though weaker thenfloreed concrete, was still difficult to be
removed by a hydraulic grab. If a hydraulic gralsw@be used, closely spaced holes had to
be formed in the mass concrete before the matexaisl be broken up and removed by grabs.
Subsequently, no-fines concrete, which could b&dmwaip and removed by hydraulic grabs,



was used for backfilling of the partially demolisheasement slabs and pile caps at the advice
of the foundation contractor.

Apart from the basement slab and pile caps, thene still 28 concrete piles lying
along the diaphragm wall alignment. These concpéies were unreinforced, except that
dowel bars were present near the pile head. Sortteesé piles were located partially below
the basement screen wall and it made their rembyathiselling or reverse circulation
drilling not feasible. In addition, the vibratiomdthe possible associated ground settlement
caused by chiselling might adversely affect surdbog utilities, buildings and MTRC

facilities.
E:(iﬁtri]r:jgbeam Existing ground
9 floor slab
Existing ground profile

2.5

~——— Temporary
Screen wall ——— steel post

/ Strut

H H
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T Backfilling after demolition

L‘ooo
~=—— Existing bored pile

Figure 5 Method for removing obstructions at Brgbasement

The top portions of the concrete piles with dowalsbwere first removed by a
hydraulic grab. A trench cutter was then usecetoave the unreinforced concrete of the pile.
During this process, bentonite slurry was used &intain stability of the excavation. After
removal of the whole concrete pile, the trench wdooé backfilled by lean concrete. The
diaphragm wall panel at the location of the coreigite would be constructed immediately
after removal of the existing concrete piles.

Type of Panel Joints

Steel End Plate Joint System

Steel end plate joints (SEP joints) were adoptethis project for the first time in
Hong Kong. For this project, they were used forgiarexcavated using a hydraulic grab.
Details of the SEP joints are shown in Figure 6e Tesign of the SEP joints was modified
from the overlapping joint, which is widely usedJapan and Taiwan (Tastial, 1991) and
has also been used in Egypt (El-Razek, 2000). Hiej&8int was formed by a 6mm thick steel
end plate fabricated with steel angles which aaeteduide rails for cleaning of the joint. The
steel angles could also lengthen the drainage plthater along the joint and therefore
improve the water tightness of the SEP joint.
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The sequences of construction of panels with $kfsjare illustrated in Figure 7 and

described as follows:

a.

A slurry trench for the primary panel was exdeslado the required founding level of
the diaphragm wall panel.

Before placement of reinforcement cages, a kadshwas carried out to check for
presence of excessive overbreak. If necessary,qoigwith polystyrene sheets would
be fixed to the reinforcement cage at the locatbmverbreak to prevent excessive
loss of concrete.

The reinforcement cage was placed inside thelrend the steel end plate was set
back from the ends of the slurry trench, usualhalgdistance of about 0.5m, to prevent
it from being damaged during excavation of the sdeoy panel. The areas outside the
steel end plates are called the preboring areashwitill not be concreted during
construction of a primary panel.

Concreting of primary panel was carried outjriywvhich the steel end plates and the
canvas attached to them would prevent tremie ctachem flowing into the
preboring areas. To avoid instability of the stedl plates due to differential pressure
head during concreting, the preboring areas wec&fitiad with aggregates in phase
with concreting. If leakage of concrete was detdcteore aggregates would be filled
in the preboring areas to keep the top level oftjgregates above that of the concrete
to prevent further leakage.

After completion of two successive primary pane& slurry trench was formed

between the primary panels for construction of skeondary panel. The aggregates
previously placed in the preboring areas of thenpry panels would be removed

during excavation of the secondary panel.

The construction of the secondary panel woukhtbroceed in a similar way as the
primary panel. Before concreting of the secondanyep, the steel end plates would be



cleaned by a tailor-made steel brush that coulohtit the area embraced by the steel
angles outside the steel end plate to facilitatartding. No steel end plates need to be
provided for the reinforcement cage of the secongmmnel. The concrete of the
secondary panel would be cast against the stegblates of the primary panels.

The steel end plates were welded to steel franaasd) with a 3m spacing. The steel
frames were used to hold the end plates in placmgldabrication, to facilitate fixing of
reinforcing bars and to strengthen the reinforcanoaige so as to prevent distortion of the
assembly during lifting of the reinforcement caGanvas was used at both faces of panel to
minimize leakage of concrete to the preboring areas

SEP joint not only enhances the structural perfoicaabut also the water-tightness of
the diaphragm wall as the steel end plates areideflace in the primary and successive
panels. It also minimizes the possible damageiot pnd/or other problems which may arise
when extracting a temporary end plate of the ti@aii CWS joint.
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Figure 7 Construction sequence for SEP joints

Overcut Joint

Overcut joints were formed when constructing dragm wall panels using the trench
cutter. The construction sequences of overcutgaané illustrated in Figure 8 and described
below:

a. Two successive primary panels were construdi¢ile steel end plates were not
needed for the overcut joint, the reinforcementcags set back from the ends of the
slurry trench by 0.4m.

b. After completion of two successive primary panet slurry trench was formed
between the primary panels by trench cutting. Taach cutting would over cut the
concrete of the primary panels by 0.15m when fognine slurry trench.

C. Trench cutting would also be carried out to lé@e overcut concrete surface of the
primary panel before concreting of the secondanepa
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Figure 8 Construction sequence for overcut joint

Other construction details of diaphragm wall parvelh overcut joints are similar to
those of diaphragm wall panels with SEP joints.

Precautionary Measures

A prime concern for the design of treatment worles\the collapse of grouted soils
between prebored H-piles and pipe piles during kesxkavation. When bulk excavation
reached a deep level, the grouted soils had tetrassignificant water pressure from outside
the site. To minimize the risk of soil collapske tfollowing precautionary measures were
taken: -

a. The lagging walls were constructed in verticgttis of 2m at maximum for each step.
To minimize the extent of exposed soil and the sgposure time, the lagging walls
would be constructed as soon as the extent of laavation was sufficient to allow
sufficient working space to construct the laggireglw

b. If water leakage in the grouted soils was det&csand bags would immediately be
placed at the point of leakage. A concrete pad @vdluén be constructed to support
the soils at the point of leakage to prevent tlakdge point from developing into a
bigger soil cavity. A discharge pipe would be ifisthin the concrete pad to relieve
the water pressure.

C. Re-grouting would then be carried out at thegpsting vertical grout holes or newly
installed grout holes near the leakage point. Hartial grout holes would be installed
through the concrete pad into the soils to stopier leakage.

The above precautionary measures were proven &fféetive as significant leakage
of water had occurred only at two different levelshe same area of treatment works for the
entire basement construction. Figure 9 shows tliadal works carried out to control the
leakage. When leakage first occurred at a deptibofit 5m below ground, a concrete pad
was constructed at the point of leakage and hot@amuout holes were installed to stop the
water seepage. Additional grout holes were themalilesl outside the pipe pile wall as
precautionary measures before further excavatibp.second leakage occurred at a depth of



7m below ground when the lagging wall was almosdyefor concreting. Sand bags were
used to temporarily control the seepage beforentpste concrete for the lagging wall.
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Figure 9 Additional works to control water leakag

After the second leakage, there was a concernthieagrouting of soils might not be
effective at this treatment works area due to @milr conditions. 75mm diameter perforated
mini-pipe piles were therefore installed behind tlaeger diameter pipe piles already
constructed at the area. Given that the mini-pifes gould act as physical barriers to water
flow, they were considered more effective measui@s stopping seepage flow than
conventional grouting which relies on grouted smla means of seepage control. Grouting
was carried out inside the perforated mini-pipeegil While the grout mixtures would
permeate through the perforations to grout thessmibund the mini-pipe piles, additional
conventional grout holes were also sunk to strasmgthe soils and enhance water tightness.
No further leakage of water occurred at this treatirworks area during further excavation
after the above additional precautionary works vearapleted.

CONCLUSIONS

The design and construction of diaphragm wall ghffacult urban site are presented.
Techniques for overcoming obstructions caused listiag basement, pile caps and concrete
piles are described. In areas where large diameitgiorced bored piles could not be removed,
the treatment works were designed to allow thesedopiles to be left in place or be partially
removed during bulk excavation. Precautionary megswere implemented to prevent and
tackle the problem of leakage during excavatiomelSend plate and overcut joints were
successfully adopted for the project and found dcefiective in controlling the leakage of
water.
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INFLUENCE OF CONSTRUCTION METHOD ON SHAFT FRICTION
OF BORED PILE — A CASE STUDY

J. Lam! and K.S. L#

Abstract: There is a general lack of appreciation by foulotatiesigners that the development
of shaft friction along a replacement pile, e.grdabpiles, barrette, is very much influenced by
the construction procedures. Two sites with sinslat profiles can produce vastly different shaft
friction along the piles. The paper presents a cigdy involving a full-scale test of a 1.5m
diameter bored pile constructed using a permaneeit. IThe test pile demonstrated that the use
of a permanent liner would result in very low sHatfttion along bored piles.

INTRODUCTION
Bored piles are commonly used in Hong Kong to témsvy building loads. In an earlier

study by Lo & Li (1999), it was pointed out thaetdevelopment of shaft friction along bored
piles would be significantly influenced by the mation procedures. Permanent liners are
sometimes used in the construction of bored pHesm a theoretical standpoint, the provision of
a permanent liner will reduce the shatft frictionbaired piles. In this paper, we will describe the
mechanism which leads to the low shaft frictionngldored piles with permanent liner and
present a case study which confirms the significaduction of shaft friction by the use of a
permanent liner.

CONSTRUCTION OF BORED PILES WITH PERMANENT LINERS

Bored piles are commonly constructed with the helpa temporary steel casing to
prevent cave-in of soils during excavation. Thefderary casing can be sunk by a vibrator, an
oscillator or a rotator. Very often, it may not hecessary or sometimes not feasible to sink the
temporary casing to the full depth of very deeflettishafts. The sinking of a single temporary
casing to a great depth will require a high-cagaeguipment to overcome the significant
frictional force that may develop along the tempwpreasing. It is also difficult to remove the
casing when significant frictional resistance hlasaaly developed during casing insertion.

An alternative means to sink a long temporary ass1to adopt the technique of
telescoping casing. In this technique, a large diamouter temporary casing is sunk to a certain
depth into the ground, followed by a second tempocasing with a smaller diameter placed
inside the outer casing. The process can be repeat# the required level is reached. As the
inner casing is shielded by the outer casing, thikfsction that can develop along the inner
temporary casing will be reduced and the tempocasing can then be sunk to a greater depth
using less heavy-duty equipment. The techniquelektoping casing involving three temporary
casings has been used in Hong Kong for construdting bored piles or bored piles which

! Engineer, Victor Li & Associates Ltd
2 Director, Victor Li & Associates Ltd.



penetrate through multiple cavities in marble ardd® major limitation of the technique is the
requirement of a higher capacity crane to lift theer temporary casing during installation or
extraction. There is therefore a practical limit fioe maximum length of inner temporary casing
that can be installed using a given crane.

When full-depth casing cannot be sunk, some foumadatontracts may require the
provision of a permanent liner inside the tempoicayging before concreting. The installation of
permanent liner can help eliminate certain pileedts, such as fresh concrete mixing with the
soils collapsed from the otherwise unsupportedtsthafing concreting or necking of concrete
during extraction of temporary casing.

A permanent liner is usually a corrugated circtildre made from steel sheets. To avoid
the placement of the permanent liner being bloakethe liner being lifted by the temporary
casing during its extraction, the size of the perem liner must be smaller than that of the
temporary casing. As the temporary casing is etdchca gap will thus be formed temporarily
between the soil and the permanent liner. The gdg&vlarger if telescoping casing is used for
pile excavation. If the excavated shaft is stabfieraremoval of the temporary casing, a
permanent gap will be left outside the permanerrliOtherwise, lateral movement or cave-in of
soils will occur to fill up the gap.

THEORETICAL CONSIDERATIONS

As discussed by L@t al (2001), there are two possible mechanisms, narfikiy
mechanism and close-in mechanism, by which the ligtpreen the permanent liner and the
excavated shaft would disappear after casing didra@s illustrated in Figure 1. In the fill-in
mechanism, the excavated shaft formed in the stromgaterial is temporarily stable after
extraction of the temporary casing. Soils will epbe from the unstable excavated shaft above
and fill up the gap. In the close-in mechanism, éreavated shaft cannot maintain its stability,
with soil moving towards the permanent liner astdmporary casing is being extracted.
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extraction extraction
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Figure 1 Collapse mechanism



From a theoretical standpoint, the shaft frictibattcan develop along a bored pile with
permanent liner is small for both mechanisms. Tdas be explained by using the following
equation, which governs the shatft friction alorigpeed pile:-

T= optand (1)

where 0Oy is the effective horizontal stress acting on tHe-poil interface and is the interface
friction angle.

For the fill-in mechanism, the re-worked soil ticatlapses into the annular void is likely
to be loose while a stable excavated shaft in trenger soil implies a low value afi,. The

friction angle dand the horizontal stresg, around the pile and hence the shaft friction at th
pile-soil interface are expected to be low. For ¢lese-in mechanism, lateral movement of soil
towards the permanent liner will trigger the archeffect to develop in the surrounding soils.
The arching effect of a circular excavated shaf$ staudied by Terzaghi (1943) from which the
following equation for the confining stress reqdir® maintain stability of an excavated shaft
can be derived:-

.1 2N, - Dy 2+ 2eN,) 7
© T (N, +D(N,-1) (re]‘““’ ’
r.0

where ¢ = cohesion of soilp= angle of shearing resistance of spi unit weight of soil;
O, = horizontal stress at wall of the excavated satfteptz below ground surface;
r, = radius of excavated shaft;
ro = outer radius of the zone of plastic equilibriatrdepth z;
N, = tarf (45°+ @/2)

The definitions of the notations used in Eq.2 atelaned in Figure 2. Some parametric
studies have been carried out to estimate the matgnofo,, required to maintain stability of the
excavated shaft based on the above equation ustnghear strength parameters of soil given in
Figure 3. The lateral stregg, required to maintain stability of the excavatedfsis low. When
close-in of the excavated shaft occurs, further enoent of the soils around the bored pile will

stop when the lateral pressure developed at tkespil interface is equal iG;,. This implies that

the horizontal stresgy, acting on the bored pile will also be small. Acdaogito Eq.1, the shaft
friction will also be low.

The above deduction based on simple theoreticaiderations have been verified by Lo
et al (2001) using more sophisticated numerical analpgidormed by the program FLAC.
Figure 4 shows the results of predicted laterasstraround a bored pile presented byetal
(2001). It can be observed that the lateral stiss®w for both collapse mechanisms, a
conclusion which is in line with that drawn frometkimple equation of Eq.2.
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CASE STUDY

A development project was proposed in a reclamatitnat Tseung Kwan O. The site is
characterized by a stratigraphic sequence ofrfilyine deposit, alluvium, and decomposed tuff
of different weathering grades. Figure 5 showscgl soil profile of the site. The proposed
development comprised several tower blocks supgdiyebored piles. The bored piles were all
constructed with permanent liners along the fulgté of the piles. The bored piles for the tower
blocks were either 2.25 or 2.55m in diameter witleli-out ranging from 3.50 to 4.50m.

Abnormal behaviour involving significant drop inegbmetric pressure below the marine
deposit as indicated in Figure 5 emerged in la@8hen construction of the tower blocks was
in progress. This had resulted in unexpected stdrseiground settlements within the alluvium
and completely decomposed tuff (CDT) layers as shawFigure 6. Such settlements were
believed to have been caused by dewatering in bkdtoring the construction of a deep tunnel
near the site (TDD, 2000)According to Figure 6, the CDT layer graduallpeanded to a level
above the datum, at which the initial settlemenasoeement was taken after the deep tunnel had
been lined to minimize water seepage.
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Figure 5 Soil profile and drop in piezometric gsere at the reclamation site

In the original foundation design, allowance hatlydreen made for negative skin friction (NSF)

that might develop along the length of bored piléthin the fill and marine deposit soil layers.

The design NSF calculated using the conventiondabt®k analysis was high with values of

between about 8200 and 12200 kN. However, the oecce of subsurface settlement below the
marine deposit down to the bedrock would also &igihe development of NSF along the full

length of the bored piles. There was a concern ttiatcapacity of the completed bored piles
might not be adequate to resist the additional NSF.
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Based on the theoretical considerations discuseethé preceding section, it was
considered that shaft friction along bored pilethvgermanent liners would be much lower than
that calculated using the conventional proceduneshé original design. Simple calculations
based on Eq.1 and Eq.2 also indicated the desidgnhal&wed for in the original design would be
sufficient to resist the actual NSF that might depealong the full length of the bored piles.

An instrumented test bored pile was constructedhat site to affirm the theoretical
prediction of low shaft friction. The test borediepghad a diameter of 1.5m, constructed to a depth
of 55m below ground. The bored pile was construatsitig a 2m diameter temporary steel
casing with the provision of a permanent liner dadarim above the toe level. Figure 7 shows
details of the test bored pile. To eliminate theebeesistance during the loading test, a sand box
was provided at the base of the bored pile. The ax was welded to the bottom segment of
the reinforcement cage. Two reservation tubes wereided for the full length of the test bored
pile and welded onto the top steel cover of theldayx. The sand inside the sand box would be
flushed out by pressurized water prior to commereserof pile loading test.

The total shaft resistance along the full lengthh#f test bored pile can be considerable
when calculated using the conventional method. BEOGPublication No0.1/96 (GEO, 1996), shaft
friction coefficientS of between 0.15 and 0.6 has been quoted as tymbaés for soils ranging
from loose sand to dense sand. For a 55m londptest pile, the estimated total shaft resistance
can amount to over 20000 kN if the upper bound evaiys is used for calculation. To cater for
this extreme condition, the test bored pile wasgesl for a maximum test load of 30000 kN. As
there was no working space available at the sitesé&iting up a massive kentledge for pile
loading test, a decision was therefore made taansanchor system as shown in Figure 8 for the
reaction system. A total of 6 anchors were instialiethe bedrock. The anchors were installed
prior to construction of the test bored pile to imize the effect on development of shaft friction
of the test bored pile. The anchors were fixedh® & corners of a hexagonal-shaped reaction



frame, keeping a distance of 7.5m from the centithe test bored pile. During the pile loading
test, the hydraulic jacks, which were placed betwtbe reaction frame and the test pile, would
be pressurized to thrust the test bored pile dowatsvhy jacking against the reaction frame held
in position by the anchors.

Pile cap for supporting
i hydraulic jacks
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0
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30 5 L
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Figure 7 Details of the test bored pile gure 8 Reaction system for test bored pile

The test bored pile was constructed using the sproeedures as those adopted for
constructing the completed bored piles of the toltercks. A temporary steel casing was
progressively sunk to the toe level of the teseldqguile by an oscillator, while keeping the base
of the temporary casing below the excavation l@w&te the casing at all times. Once excavation
for the pile shaft had been completed, a permalneent, the prefabricated steel box filled with
sand and the reinforcement cage were lowered etdetmporary casing in sequence.

The excavated shaft was cleaned by air-lifting pti@ concreting. During concreting, the
temporary casing was extracted progressively byo#sadlator while maintaining the top of the
tremie concrete at a certain depth above the bhskeeotemporary casing at all times. After
concreting, the depths of the two reservation tulsese measured to ensure that they had not
been blocked during concreting. The duration ofstaction of the test bored pile was 17 days,
from commencement of excavation to concreting efghe. After the concrete of the test bored
pile had hardened, two openings were formed irntdpecover of the sand box by coring through



the reservation tubes. This would facilitate thesfling of sand out of the sand box prior to the
commencement of pile loading test. After the sao® bad been emptied, the test bored pile
would then be loaded by its self-weight. The logdiest was carried out one month after
completion of construction of the test bored pdgéermit the hardened concrete to cool down to
a low and steady temperature.

TEST RESULTS

The top level of the soil in the annular gap arothtest bored pile had been constantly
monitored in four directions after extraction oéttemporary casing. The monitoring results are
shown in Figure 9. It can be observed that the \eated shaft was stable up to a depth of over
40m even when left unsupported within a short pkatier full extraction of temporary casing.
Progressive closing up of the gap occurred, mdstlyi by the fill-in mechanism. The
unsupported excavated shaft formed in the fill avadine deposit layers remained stable up to a
depth of approximately 23m one month after its twiesion. The fact that the deep unsupported
excavation shaft had remained stable for such g pemiod of time has clearly demonstrated that
arching effect could be very significant in mainiag stability of an excavated shaft, thus
rendering a reduction in lateral stress actinghenbored pile.

Figure 10 shows the load-settlement curve of teeliered pile. The test pile was loaded
to failure when a very small applied load of 2600kis reached. The self-weight of the bored
pile and the steel reaction frame was found toufigcgent to load the test bored pile to failurae. |
hindsight, the costly anchor system was not necgs®éth an unsupported depth of 23m of the
excavated shaft, the test bored pile was only mtam with the surrounding soils for the bottom
32m of the pile. Dividing the failure load by thentact area yielded an average ultimate shaft
friction of 17kPa for the test bored pile. The leWaft friction was in line with the theoretical
prediction discussed earlier.

The NSF acting on the completed bored piles for dbeelopment project at Tseung
Kwan O was re-assessed based on the results eéghéored pile. A reduction factor of 0.17
was obtained by comparing the observed total eesist of the test pile at failure with the pile
resistance calculated using the conventional approBhe reduction factor was then applied to
the NSF along the bored piles calculated usingctmerentional approach. The re-assessed NSF
along the whole bored pile was mostly between 4808kd 10,000kN. It was found that the
conservative design NSF estimated using the comraitprocedures for the soil layers of fill
and marine deposit in the original foundation desias even larger than the re-assessed total
NSF for the entire length of the completed borel@spi Therefore, the original design was
adequate despite the unexpected subsurface gratthehgent. Overloading of the bored piles
was not a concern for the project and the developmeject could proceed as planned without
compromising the structural safety of the buildings
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DISCUSSION AND CONCLUSION

The provision of a permanent liner will significgnteduce the shaft friction of a bored
pile, as clearly demonstrated by the pile loadiesft tresults of the test bored pile. The same
conclusion is drawn by the case studies of bordesptonstructed using permanent liners
reported by Kwok (1987). The conventional approsxtestimating shaft friction will grossly
overestimate the shaft friction along bored pilé&h\wermanent liners.

If bored piles are designed to be friction borddgipermanent liners should not be used.
On the contrary, the provision of a permanent lisea very effective means for reducing the
NSF of bored piles constructed in a new reclamagitsnunderlain by soft soils.
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CONVENTIONAL AND MECHANICAL ROCK EXCAVATION
METHODS EXERCISED AT THE ANDERSON ROAD QUARRIES

Y.C. Lam®, Barry Sum? and Joseph L4

ABSTRACT

In Hong Kong, conventional drilling and blastingshiaeen commonly adopted in tunnel
excavation projects. However, as the technologmethanical rock excavation is being
improved, Tunnel Boring Machine (TBM) is increadingaccepted in many current
infrastructure projects. Raise boring techniquerie of the mechanical rock excavation
methods with the use of TBM. To facilitate the king process at the Anderson Road
Quarries, two tunnels with three vertical shaftsraveonstructed in 1998. Design
considerations for this project, especially on TBMhstruction are presented in this paper.
By modifying the Rock Structure Rating (RSR) apptgaa design chart is proposed for
direct adjustment on Q-system due to TBM operatibnaddition, a brief discussion on
the both tunnel and shaft construction is alsauitket.

INTRODUCTION

The Anderson Road Quarries (ARQ) are composed of quarries, namely the Tai
Sheung Tok Quarry at the northern area and the rAndeRoad Area 3 Quarry at the southern
side. Atthe Tai Sheung Tok Quarry, Tunnel A weasagated with a typical span of 5.5m, length
of about 100m and up gradient of 1.6%. Two verstafts, which have diameters of 2.75m and
heights of about 75m, are connected with the eathemd of Tunnel A. A geological section of
Tunnel A is shown in Figure 1. At the Anderson Rdaea 3 Quarry, Tunnel B with a typical
span of 4.6m extends 80m from the portal with amrgaient of 1.5%. It connects with another
vertical shaft of 70m high at the end. A geolob®ection for Tunnel B is shown in Figure 2.
Crushed rocks from surface excavation are to bepédnthrough the shafts and transported out
from the tunnels by means of feeder systems.
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SEOLOGICAL PROFILE FOR TUNNEL A GEOLOGICAL PROFILE FOR TUNNEL B
Figure 1: Geological Section of Tunnel A Figure 2: Geological Section of Tunnel B
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DESIGN CONSIDERATIONS
Empirical Design Approach

Drill & Blast Tunnels
Drill and blast tunneling method was adopted fonstruction of Tunnel A and

Tunnel B. Based on the Rock Tunneling Quality in{@-system) developed by Barton,
Lien, and Lunde (1974) of Norwegian Geotechnicatitate, rock mass characteristics
and tunnel support were determined. AccordindghéoQ-systems, Rock Mass Quality (Q)
is estimated by six parameters, namely the RQDrk fuality designation (Deere et al
1967), Jn - joint set number, Jr - joint roughnessber, Ja - joint alteration number, Jw
- joint water reduction factor, and SRF - streshuotion factor. The formula is given as

below:
(a) (b) (©)
Q = (RQD/Jn) x (Jr/Ja) x (JW/SRF) (2)

Factor (a) represents the structural quality ofrthek mass and indicates the size
of the rock blocks implicitly. In other words, @gher value of factor (a) gives a larger
size of the rock blocks. Factor (b) representsstiear strength, roughness and frictional
characteristics of the joint walls or infilling. i¢gher value means a stronger interlocking
strength. Factor (c) can be reckoned as a taoedsparameter. In addition to the above
parameters, ESR - excavation support ratio, whednces the effective span according to
the construction practice.

In the ARQ project, ESR of 1.6 (as a permanent mgirtunnel) was adopted
because the tunnel was built with heavy machinad/adesign life of 14 years (Figures
3 & 4). The average RQD was above 90%; Jn was6t(o joint sets plus random); Jr
and Ja were both in unity (i.e. rough, planar andltered joint walls); Jw was also in
unity with minor water inflow; under medium stressndition, SRF of 1 was adopted.
Hence, the typical Q value for the main tunnels AB&vas estimated to be 15 and the
tunnels were supported by spot bolts normally.h&ligh the quality of the granitic rock
was considered to be good in this quarry, the loWegalue logged was 0.1 due to other
factors such as locally high water inflow and agdegpint characteristics.
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Figure 3: Cross Section of Tunnel A Figure 4: Cross Section of Tunnel B



For the enlarged tunnel section, tunnel heighteexstof span was used for the
design. Referring to Figure 5 with enlarged tunheight of 12.5m, different tunnel
supports such as pattern bolting and shotcretinly warious thickness were applied in
accordance with the ground reference condition.

However, an adjustment should also be made fotuttveel wall support (Qw) by
applying the formula below:

Qw=(2xlogQ+3)xQ )

The formula is valid with Q value in between 0.Hd®. For Q value below 0.1,
Qw = Q; for Q value over 10, Qw =5 x Q.

The above design procedures were only for the naaid enlarged tunnels.
However, some parameters such as Jn and ESR dhedéttored for designing tunnel
support at portals and intersections. At the pateaas, additional tunnel support by
means of steel rib installation was adopted foetygurpose.
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Figure 5: Estimated Support Categories ts@d on the Tunnelling Quality Index Q
(after Grimstad and Baan 1993)



Vertical Shaft by Raise Borer (TBM)

Mechanical Tunnel Boring Maching
(TBM) method was used in the vertical sha
construction for this project. A raise bor¢
from Robbins (Plate 1) was used to carry ¢
the work. A pilot hole was initially drilled
down from the peak platform. As the pilc
hole intersected with the horizontal tunnel, ti
raise borer head was installed. The verti(’ 3@3?"»
shaft was then bored from bottom up. TC. :
process is known as raise boring. BeL 8 Y :
Plate 1: Robblns Ralse Borer

By using TBM method, rock structure around the nraeldriven tunnel should
have a better condition because less disturbantieetincipient rock joints and tighter
rock structures are expected. Nevertheless, thptad rock classification method (Q-
system) had no adjustment made for the enhancédguaatity at the time when tunnels
and shafts of this project were designed.

With respect to the enhanced rock quality, an dafjest factor was introduced by
George Wickham (1972) by means of the Rock StradRating (RSR) system (Figure 6).
The RSR system was initially developed for the WB8reau of Mines to describe the
“quality” of rock structure that in turn determinér® need for ground support. The index
is on a scale of 20 to 100 (normal range is 25)and is calculated by considering three
parameters. Parameter A combines the rock typength and geologic structure.
Parameter B relates the joint pattern with directd drive. Parameter C determines the
overall rock quality by summing the parameters B&and taking into account the joint
and groundwater conditions. Contrary to the Qaystthe RSR method provides ground
support requirements prior to excavation.
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Figure 6: RSR Adjustment for TBM Operation
(George E. Wickham, 1972)



In order to adjust tunnel support requirementemeined by the Q-system, a
transitional approach involving the Rock StructuRating (RSR) was adopted.
Therefore, instead of using the RSR method, a latiwa was made to convert the RSR
value to Q value. With this conversion, the entuenel support system would still be
developed as usual by the Q-system. By usingdirelations suggested by Bieniawski,
1976 and Rutledge, 1978, a direct relationshipappsed between RSR and the Q value:

—_ A(0. SR -6.68
Q — e( 144 RSR ) (3)

With the use of a boring machine, the RSR valuelavdwe adjusted upward to
reflect a better condition of the penetrated roclcsure. However, RSR value should
not be adjusted if tunnel diameter is over 9m dt.3The adjustment curve is developed
empirically as below:

Frsr = Ax*+BX + C¥ +Dx + E 4)

where ksg= TBM Adjustment Factor (RSR method)
X = Tunnel Diameter (m)
A =-0.000273 ; B =0.00555; C =-0.04183=0.127 ; E = 1.067

Remarks : The formula is applicable to TBM tunnel with diameter within the range of 2.5m to 9m

1) Example of this project with vertical shaft o¥2m (Indirect Correlation)

Shaft Diameter, X =2.75m
Adjustment Factor (RSR), grEr=1.199 applying (4)
Typical Q value, Qviginal = 7
Unadjusted RSR, RS&gina~ 60 applying (3)
Hence, RSRgw =60 * 1.199< 72

Qrau = (01447727688 40 applying (3)

After the adjustment of Q to @, the value was boosted up by almost 6 times
from 7 to 40. Since the shaft diameter was redfifivsmall, only spot bolting was
required even applying the Q adjustment. Howes#ect of the TBM adjustment can be
demonstrated in Example 2 where shear zone wasietared locally at the shaft.

Based on the formulae (3) and (4), an adjustmeautt ¢t developed solely for the
Q-system (Figure 7). The adjustment factor usmsg ¢hart is termed asF An example
will be shown below with the application of thisjastment chart.
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Figure 7: Adjustment Chart for Q value under TBM Operation

When the shear zone was encountered at about 260mhR/[@rtical shaft at
Tunnel A, TBM adjustment was made for Q in addittoranother adjustment proposed

by Loset, 1990. The Loset formula was applieddtzanine a more realistic Q value.

b log Qz + log Qr

Log Qm =
b +1
where Qm = mean Q value for zone and side rock
Qz = Q value of weakness zone
Qr = Q value of adjacent rock
b = breadth of weakness zone (in metre)

2) Example of this project with shear zone thiclen@s3m at Shaft A

Q of adjacent rock, Qr=7
Q of weakness zone, Qz=0.014
Breadth of weakness zone, b =3m

a) Indirect TBM adjustment by RSR method,

Mean Q value,
Unadjusted RSR,

Qm = 0.017
RSRm18

()

applying (5)
applying (3)



Adjustment Factor (RSR), grEr=1.199

Hence, RSRsm = 18 * 1.199< 22
Qmem = 0.03 applying (3)
b) Direct TBM adjustment by Figure 7,
Mean Q value, Qm=0.017
Adjustment Factor (Q), log gFr=0.22, or g~ 1.66 applying Figure 7
Hence, Qmrewm) = 0.03

With ESR=1.6, Support Category 6 is required (Fedi.

Hence, 120mm mesh/fibre reinforced shotcrete wasmenended instead of 150mm
thick if Q value was unadjusted.

As TBM technology grows rapidly, a review on TBNhhelling was carried out
recently by Barton in year 2000. A newgdy method was built onto the six Q-system
parameters. The newly introduced parameters fdvl Ticlude the ratio of rock mass
strength SIGMA, cutter force F, cutter life indexICthe quartz content of the rock q,
and the estimated stress level at the tunnel é&gceThe modified formula is given as
below:

SIGMA 20 ¢ O

Qrem = Qo0 X X X X (6)
B0 CLI 20 5

where Qo = oriented Q value (based on RQD in thaedling direction)

Back to Example 2, Qm is re-calculated by usingniga 6. Normalized values
for SIGMA, F, CLI, and q suggested by Barton aremdd here. The Qmawv) IS
calculated as 0.025, which is lower than the presl calculated value of 0.03. This
discrepancy may be due to the cutter force valdeo#imer machine-specific parameters.

Numerical Design Approach

Although the tunnel support designs were basicdditermined by the empirical
approach, numerical design approach was also appdieverify the adequacy of the
support system. Analytical models were developed §WEDGE and Phase

UNWEDGE was used to determine the potential wedgekband design the
bolting system accordingly. It provided a 3 dimenal view of how the potential
wedges affecting the stability of the tunnel. Mggmnt sets mapped at Tunnel A during
the construction were categorized into 3 groupsein (78,240), (85,335), and (30,320).
With the tunnel trend of 21°5 potential wedges were generated by the program.
According to the empirical design, spot bolts of 8ing had been adopted. Results
output by UNWEDGE verified that the provision ofetlBm spot bolts is adequate for
stabilizing the potential wedge formed (Figures 8)&



continue analysis ¢

Figure 8: Potential Wedge of 21 tonnes

Tn to continue analysis ¢ in

Figure 9: Provision of Spot Bolts

Phas@is an analytical computer program using finiteredet approach to model
the behavior of deep excavation. For this projéctyas used to predict the ground
behavior at the intersections between the versihafts and the enlarged tunnel sections.
Since the empirical approach by the Q-system hkentanto account the intersection
factor, numerical analysis was carried out as plempent to the Q-system to confirm the
support requirements. With the provision of sté®d, pattern bolts, and fibre reinforced
shotcrete, the maximum deformation was estimate@Cmsm (Figure 10) and stress
distribution is shown on Figure 11.

Figure 10: Estimated Deformation at Tunnel A Figure 11: Stress Distribution at Tunnel A

PERFORMANCE OF TWO EXCAVATION METHODS

Drill & Blast Tunnelling

For the normal section of Tunnel A, the span agight of this section are 5.5m.
In order to minimize disturbance to the public, axmum of two blasting cycles per day
could be achieved. Depending on the rock quality,average advance rate was 2m per
day. For the enlarged section of Tunnel A withimas spans from 5.5m to 6.8m and
heights from 5.5m to 12.5m, the advance rate wss tlean 1m per day. Including the
support installation, Tunnel A with the extensioasxcompleted within 6 months.



For the normal section of Tunnel B, the span aadjt are 4.6m and 5.5m
respectively. As the rock encountered was maindghf to slightly decomposed, the
advance rate was about 2m to 2.5m per day, whichfaser than at Tunnel A because
of the smaller tunnel size and better rock (i.eslsupport required). The rate for the
enlarged section was about the same as it wag a&nilarged section of Tunnel A, which
was about 1m per day. Tunnel B with its shaft s@spleted within 5 months including
both tunnel excavation and support installation.

When the tunnels were excavated, support wasnspalied immediately. An
unsupported length was estimated according to thend reference condition (Figure
12). In other words, the rock mass was alloweddform sufficiently so that the load-
bearing capability of the rock mass could be fullgbilised. This process is known as
the arching effect (Proctor & White, 1968). As tloek mass pressure was redistributed
to tunnel walls, acting loads on the support systesre reduced to below the supporting
strength. Hence, the residual load and the weaifjldosened rock mass became the only
acting loads on the tunnel support system.

ROCK MASS QUALITY Q
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Figure 12: Estimated FOS for unsupported excavatioms a function of span, Q, & RMR
(Houghton and Stacey, 1980)

TBM Tunnelling — Raise Boring

A separate raise boring team was recruited fronstralia under RaiseBore
Australia Pty Ltd. Once the setting out of thealbans of two shafts were carried out,
concrete platforms were constructed at the cresuohel A and then at Tunnel B. The
machinery mobilisation was completed in about 3sdayonsequently, pilot hole for
Shaft A at ST/No. 2 was commenced after Tunnel A excavated and supported. The
hole was driven down at a rate of 0.8m to 1.2mhmerr depending on the rock quality.
The entire process was done within a week. Tra pile drilling bit was then replaced



by a reaming cutter head at the end of Tunnel & pottom of the Shaft A). Back-

reaming was then carried out at an average ra@5oh per hour (i.e. equivalent to 4m
per day). For each 2m of reaming, spoils of al&futons were mucked out by trucks.
Each cycle took about 5 - 6 hours and the Shafta& drilled through in about 3 weeks.
Similar procedures were carried out at Shaft B Ki&T/3) and Shaft C (ST/No. 5). The
entire raise boring process was done within threaths (i.e. equivalent advance rate of
80m per month).

With the enhanced rock quality due to the machdn#ing, no support was
actually required except at the stratum where she@e was encountered, a 120mm thick
of shotcrete was applied. Additional supports westalled at the intersections between
the shafts and tunnels.

CONCLUSIONS
The combined use of a quantitative classificatiocey@em and a flexible NMT

reinforcement techniques was ideally suited to grigect as tunnels were driven in a
wide range of jointed but competent rocks. Howgteis empirical method has been
updating with more ongoing case records. It isdrtgmt for designers or practitioners to
update their knowledge on using this system so timabels can be more effectively
designed. In addition, some add-on tools as meation this paper should be applied to
the raw quality numbers of rock mass logged.

With the use of tunnel boring machine, the Q valwald be adjusted upward to
reflect a better condition of the penetrated rockcture. The correlation chart in this
paper provides engineers a more direct way to desigchine driven tunnels with the
widely adopted Q-system. However, the authorsngtyosuggest that more case study
records should be reviewed and the chart shoulgtated accordingly in future.

Under the review by Barton in year 2000, hybriduioh combining TBM and
drill-and-blast was suggested; for instance, whitgting for TBM delivery, one or both
portals can be driven by drill-and-blast method. siAilar hybrid concept adopted in
ARQ project reveals that Barton’s recommendation femsible and should be
recommended to the tunneling industry.
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APPLICATION OF VIBROFLOTATION TECHNIQUE

IN THE SAN TIN EASTERN DRAINAGE CHANNEL PROJECT

Kenneth W.K. Lautand K.C. Lam?

Abstract: The Drainage Services Department is constructid@ &m long

drainage channel to drain floodwater from the loing areas around the
northwestern New Territories to the Shenzhen Rivér.pumping station for
the drainage channel will be constructed on vefy gomund near the Lok Ma

Chau area. Option assessment undertaken by thd Engineering

Department during the conceptual design stage atelicstone columns to be
the desirable design option for this project; awdrently, over 1,500 stone
columns are under construction. This paper sunz@sithe challenging soil
conditions and design requirements that promptedstbne column solution,
elucidates the philosophy and critical elementthefstone column design, and
highlights the design considerations for constarcti The field testing

program with preliminary load test results and Huheme of performance

monitoring for the stone column supported strudwae also introduced.

INTRODUCTION

Located in the northwestern New
Territories, the low lying areas around Sar J? New Shenzhen
Tin are often subject to flooding. To R tare N 1
alleviate the flooding risk and to drain the L LS
floodwater more effectively, a 2.2 km long — ,/"\,f\/

Old Shenzhen
River Channel/"
x

. . . x
drainage channel is being constructed/x/ \ /*/ >
between Castle Peak Road and the Shenzhen mE A= QN
River, Figure 1. Running in parallel and| Proposed /

Pumping Station

Chay 7/ 7
el

adjacent to the Lok Ma Chau border road,
the major proposed works include:

=W
SAMPO SHUE

+ 2 embankments with height between 4
and 5 m and side slope gradient of 1:2;

« a pumping station with its base slab level ‘fq,“,’? g:ggno:gegcﬁ
at -3 mPD and the final ground level at
6.7 mPD near the Lok Ma Chau border
crossing bridge, with a typical |~
cross-section shown in Figure 3; and [~

&
b4 B
/; SAN-/ TIN

« two vehicular bridges across the channel, :
one near Castle Peak Road and the oth ar
near the Shenzhen River. % 0s

3N,
AN
VAN 3
7oK | MA_ G
\\

=
Extracted from Survey Sheet 2,
Series HM20C, Lands Department

Figure 1 — Site Location Plan

Geotechnical Engineering Office, Civil Engineeribgpartment,
Government of the Hong Kong Special AdministrafRegion.



The Geotechnical Engineering Office of the Civilgireering Department (CED)
was commissioned by the Drainage Services DepattiED) to carry out a robust and
cost-effective geotechnical design for the pumgtagion and its associated structures, which
are underlain by very soft pond deposits and maciag with thickness up to 12 m and
undrained shear strength as low as 10 kPa.

The total contract sum for the civil engineeringri4s is around 319 million Hong
Kong Dollars. Construction of the project commeahae October 2002 and is expected to
be completed by June 2006.

GROUND CHARACTERIZATION AND GEOTECHNICAL DESIGN PARAMETERS

The proposed pumping station is located at aboQtr2drom the Shenzhen River,
and the ground is characterized by fishponds witdrage ground levels of the pond beds and
the bunds at about 1.0 and 3.0 mPD, respectivéljth the groundwater levels varying
between 0 and 1.0 mPD, a water level at 2.0 mPDbkas adopted for design under the
short-term conditions. The long-term design wégeel is about 4.4 mPD, corresponding to
the 1 in 200 year flood level.

The site is typically underlain by the Hang Hauration, which comprises about 2
m of grayish brown to dark gray pond deposits (PD)m of dark fossiliferous gray marine
clay (MC), 5 m of marine sand (MS) or alluvial sag&S). The bedrocks are normally
encountered at depth less than 25 m, consistinglynaf metasandstone or metasiltstone
with localized calcareous zones, undivided phylkthist and graphite schist. The borehole
record indicates that some shell fragments andnargaaterials were occasionally found, but
no peat was encountered.

The PD and MC are very soft to soft, normally tigtsly consolidated silty clays
with 50 — 100% fine contents of which 15 — 50% alay size particles. They have
intermediate to very high plasticity (plasticitydiex and liquid limit in the ranges of 10 — 40%
and 25 — 75%, respectively), suggesting their ctagerals are predominantly illite with
some kaolinite, Lau (2002a). The mean void ratid moisture content of the PD and MC
are 1.27 (0.60 — 1.82) and 46.6% (23.8 — 66.1%he AD and MC are normally active with
an average activity of 0.76.

Table 1 — Geotechnical Design Parameters for thenffaing Station (After Lau 2002a)

Unit Weights Shear Srength Parameters Consolidation Parameters
Sail or ™ . »
Rodk ) | ) | S KPA | @O | SikPa) | pe(kPa) (mz’)'v' N (mg/;/r) (l:\Llotce::R3) (ﬁ;gg, (ﬁlot(ezzz)
Fill 20 17 5 33
PD 16 1n 3 30 Note (1) | Note (2) 1 0.8 0.22 0.030 0.003
MC 17 12 2 32 Note (1) | Note(2) 1 1 0.25 0.025 0.003
MS 19 16 0 37
AS 20 18 0 38
CDR 19 16 3 35
Notes (1) |Su=10 kPa for h<4m (2)|Pc =35 kPa for h<4m (3) CR = Compression Ratio
§,= 125h+5 kPa for h>4m pc = 10h—-5 kPa for h>4m
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Typical undrained shear strength is very low atuald® kPa in the uppermost 4 m,
beyond which it increases to about 20 kPa at 12pthd The sensitivity is relatively low at
2 — 3, which is typical of the PD/MC in the regi@irau and Cowland 2000). A summary of
the geotechnical design parameters determined f@omomprehensive program of soll
exploration is given in Table 1. Due to the paetisize distribution, the insensitive and
inactive nature of the relatively peat free PD/M@ie application of vibro-replacement
technique is considered technically feasible fa gnoject (Greenwood 1970).

DESIGN OPTION ASSESSMENT

A typical cross-section of the pumping station, ebhihas a maximum design
pressure of 164 kPa, is shown in Figure 3. Theedaplatform for the pumping station, at
6.7 mPD, is supported mostly by 1:2 gradient pet@membankments and a small 3.7 m high
retaining wall in the southwestern corner of the.si Cost-effectiveness and robustness are
the primary design requirements of the Drainagei&es Department.

Due to the very soft nature of the PD/MC, full digeng by open excavation is not
considered environmentally friendly since it witivblve disposal of an unnecessarily large
amount of soft mud into our precious mud dispogaks Deep excavation of more than 15
m by sheet piling in very soft ground with high gnalwater table, on the other hand, will
entail a relatively high risk of bottom heaving amndtrenuous task of dewatering.

With relatively shallow bedrock, H-steel piles @iave been very robust and cost
effective, and can be easily installed. HoweMse, site is located in the vicinity of the Mai
Po Nature Reserve, which is the home to numeraudlsspiecies, including a quarter of the
world’s endangered and much celebrated Black-fe#gpdonbills. The reserve has been
formally designated as a recognized Ramsar Site itarnational convention in Wetlands
signed in Ramsar, Iran, in 1971. Noise controlniforce and pile driving will require
special permission from the relevant authorities.

Bored piles, in either large or small diameterd| ne more expensive to construct
for the pumping station and its associated strestuand yet ground treatment will still be
required for the raised platform. Therefore, tlesign option assessment was extended to
various ground treatment methods.

Table 2 — Comparison of Various Ground Treatmentchmiques

Attributes Methods Sone Columns Deep Cgc?p;)M Xing Vacuum Surcharging Ecliﬁggl}%ﬁ?rilc
Cost L ower Higher L ower Higher
Sability |mprovement Good Very good Limited to top layers Good
Settlement Reduction Good Very good Moder ately good Good

Construction Noise

Quiet operation

Quiet operation

Very quiet operation

Very quiet operation

Water Pollution

Precaution may be
needed

Precaution needed

Clean operation

Clean operation

Type of Contracts

Engineer Design

Design and Build

Design and Build

Design and Build

Local Contractors Available Available (marine only) Not readily available Not readily available
Construction Easy and rapid Easyasgic:;;gd, if Vacuum leaking Supply of high amperage
Quality Control Sringent Very stringent Very stringent Very stringent
Sustainability Good to very good Moderately good Very good Very good
Field Testsand . . . .
Monitoring Required Required Required Required




Stone columns have been successfully used to sofatlays with undrained shear
strength as low as 7 kPa, provided that the safgschre not highly sensitive and do not
contain peat with more than 1 m thickness (Greemwd®70). Based on noise control,
cost-effectiveness, robustness, stability and ecealility, sustainability and various
construction aspects as summarized in Table & apparent that the stone column is the most
desirable design option.

BASISOF STONE COLUMN DESIGN

Unit Cell Concept

To facilitate the determination of the strengthgmaeters of the composite ground for
stability and settlement analyses, the tributargutar area surrounding a stone column can be
conveniently idealized as a unit cell represen¢éatit the composite ground as depicted in
Figure 2. The equivalent diameter of the unit,d@l and the area replacement ratig,(the
ratio of the area of the stone to the area of sundiong soil) can be expediently expressed in
terms of the spacing and the patterns of the stolusnns.
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(a) Rectangular column pattern (b) Triangular column pattern
Figure 2 — Unit Cell Representation of the Stone IGmn Treated Composite Ground

Stress Concentration

When the composite ground is loaded, arching @sstwill occur, resulting in an
increase in stress on the stone columns and aa$ecia stress on the surrounding clays.
The stress concentration factoy,which is defined as the ratio of the stress onetcolumn
to the stress on the clay, apparently depends e@ana replacement ratio, the stress level in
the unit cell, and the relative stiffness of thensts, the clay and the foundation. Based on
documented results of model laboratory tests altéddale field measurements, Bergado et al
(1996) and Ye et al (1994) recommendedrthalues to be ranged between 2 and 4 for most
applications. Recent field measurement by Wattd €2000) also indicated threvalues in
the range of 2 — 4 for soft clays with undrainedaststrength as low as 7 kPa. Wwmalue of
3, therefore, was adopted in the design analysis.



Factors of Safety

The recommended global safety factor for raft fatmhs is 3 for dead load and not
more than 2 for a combination of dead load andeexérlive load according to Terzaghi et al
(1996). Hence, the adoption of a global safetyofaof 3 for a combination of dead load
and live load for the stone column supported rafinfiations is considered a conservative
expedient. The external stability of the retainmgll was checked by partial safety factors
in accordance withGeoguide 1(GEO 1994). For long-term overall stability ofeth
embankment and the retaining wall, a global sattjor of 1.4 was used in compliance with
Geotechnical Manual for Slopd&CO 1984). As immediate stability will improveitiv
time due to the dissipation of the excess pore m@atessure, a safety factor of 1.1 was
adopted against short-term undrained failures.

Ultimate Bearing Capacity

The most probable failure mode of an isolated sisghne column is bulging failure,
occurring at a depth of abot5D from the top of the stone column (Bergado et &6)9
The ultimate bearing capacity of single columndéased on the assumption that the lateral
bulging of the stones are resisted by the ultinpagsive resistance of the surrounding clay.
The method developed by Hughes and Withers (19¥a5ed on the approximation of the
bulging failure of stone column by cylindrical cgviexpansion in a pressuremeter, was
adopted in the design analysis. This method adsdon the effect of overburden pressure,
yet it does not require design parameters to bermdéted from specific model tests.

Other modes of failure — bearing capacity of singdumns at the founding depth,
bearing capacity of stone column groups, and stalaibainst lateral squeezing — were also
analyzed in terms of classical soil mechanics vgtength parameters of the composite
ground represented by the unit cell concept, FigQureThese modes of failure, however, are
not critical according to the results of detailedign analyses (Lau 2002b).

Settlement Reduction

Upon loading, stress concentration on the stonanwa$ will cause a decrease in
stress acting on the clay; thus resulting in a cadn of the overall foundation settlement.
The settlement reduction can be simply determineddnsidering simple force equilibrium
and strain compatibility of a unit cell of the coasgte ground, Figure 2. This simplistic
idealization of the unit cell concept, however,dgrio give a lower bound estimate of the
settlement reduction when compared to field pertoroe according to Bergado et al (1996).
Priebe’s method (Priebe 1978) was adopted singeeés reasonably conservative settlement
prediction for fully penetrating stone columns bgluding the effect of the strength and area
replacement ratio of the stones.

Accelerated Rate of Consolidation

The total degree of consolidation at a given timg+(t) in the composite ground is
determined according to Carrillo (1942) by assuntimaf the dissipation of the excess pore
water pressure takes place in the horizontal antttakedirections simultaneously, i.e.,

Ur)=1-(1-W(a-u 1)

whereU, is the average degree of consolidation in thacadrdirection and is determined by
Terzaghi's classical 1-D consolidation theory;, is the average degree of consolidation in
the radial/horizontal direction and is given by Ba’s method of sand drain analysis (Baron
1948) with a smearing ratio of 2 (Hansbo 1979).
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Increase in Undrained Shear Strength
The increase in undrained shear stren§thof the slightly to normally consolidated
PD/MC is based on the following empirical relatibipsproposed by Mesri (1975):

S =022(c,orc,)  whichever is the larger (2)

where o

, = preconsolidation pressure

o,, = effective overburden pressure

This empirical correlation was also found to beat#ly conservative for the Shenzhen River
mud (Lau and Cowland 2000), which is located inwioenity of the pumping station.

ELEMENTSOFTHE STONE COLUMN DESIGN

5 stone column works zones — Zones A, B, C, D ard Bummarized in Table 3 —
were designed to cater for the different desigruireqnents of the pump hall, the flow
diversion chamber, the outlet chambers, the boyndaaining wall and the fill platform.
Comprehensive design details are given in Lau (BPO2nd the critical design elements
instrumental to the robustness and cost-effects®io¢ the stone columns are highlighted in
the following sections.

Table 3 — Summary of the 5 Stone Column Treatmephg&s

reatment Zones Pump Hall Flow Diversion | Outlet Chamber Boundary Fill Platform/
Desian Details Chamber Nos. 1 & 2 Retaining Wall Embankment
9 (ZoneA) (ZoneB) (Zone C) (Zone D) (ZoneE)
Stone Column Pattern Square Square Square Triangular Triangular
Sone Column Spacing, S (m) 20 20 18 20 25
Stone Column Diameter, D 12 1.0 08 1.0 08
(m)
Diameter of Unit Cell, De (m) 2.3 23 20 21 2.6
Typical Unit Cell Area, A (m?) 4.0 4.0 3.2 35 5.4
Area Rep'ac(‘s/g‘)em Ratio, & 283 196 155 227 93
Diameter toDS/péacmg Ratio, 0.60 0.50 0.44 0.50 0.32

Area Replacement Ratio of Stone Columns

The area replacement ratias, for the 5 treatment zones should commensurate wit
the magnitude of the design pressures, ageshould be larger for the load bearing structures
(15.5 — 28.3%) and smaller for the fill platformfeamkment area (9.3%). The purpose of
the stone columns in the fill platform is primarfiyr speeding up the consolidation process
and enhancing the short-term stability of thedittbankment during construction.

Grid Pattern of Stone Columns

Since an equilateral triangular pattern will give tdensest packing, stone columns
for the retaining wall and the fill platform wererdigured in this manner. On the other
hand, stone columns arranged in square or rectangattern will be more compatible for
foundations that are mostly rectangular in areaendd, approximately square patterned
stone columns were configured for the load beafingpdations with their edges resting on
one entire row of stone columns instead of the dait

7=



Depth of Treatment

Since floating stone columns will result in a onaywdrainage, the degree of
dissipation of porewater pressure and consolidatitirbe considerably longer. In addition,
primary and secondary consolidation of the clayowethe column tips will lead to an
increase in foundation settlement. Hence, all shene columns were designed to be
penetrating the PD/MC completely with a minimumlom embeddment into the layer of
alluvial sand or marine sand, Figure 3.

[ E— ]

I ’mm |

6.70 6.85
e O—
I i O | 77 [ 7772

Y1 24220722 Y V1T
297727,

PD/MC
(10-12m)

MS/AS
(Im

D-0.8m, S-2.5m D-1.2m, S-2.0m : D-0.8m, S=2.5m
1 I r

1

Figure 3 — Typical Cross-section of Stone Columre@tments

Diameter and Spacing

The diameterD, and spacingS, play an important role in the cost-effectivenasd
robustness of stone columns. The optiD@ ratios for the 5 stone column treatment zones
as shown in Table 3 are the results of due coraides given to the homogeneity of the
composite ground, minimization of ground disturtmnand economics. A more
homogeneous composite ground can be accomplisheabby closely spaced, smaller stone
columns; but they are generally more expensive nstall due to larger number of
mobilization runs of the vibroflots. On the otheand, larger stone columns at wider
spacing will be more economical to construct fgiven area replacement ratio although they
will normally result in a less homogenous compogitaund.

Types and Grading of Stones

The stones should be easily compacted in a dendengawith minimal machine
energy, and they should not react or degrade \Wehiri-situ ground. As such, clean, hard,
inert and natural crushed rocks with a grading abminal single-sized material within the
range of 20 — 75 mm and less than 5% fines werefsgae

Surcharge on the Composite Ground

To further reduce foundation settlement, a 4.5 mecharge will be applied to the
composite ground treated with stone columns, resulh a surcharge load greater than the
net foundation pressure of the pump house. AtriPD level, the surcharge will be
maintained for a minimum period of three monthsuotil 90% realization of consolidation
settlement. With the consolidation settlement esponding to the surcharge predicted at
about 0.78 m and the final formation level of thevated platform at 6.7 mPD, only minimal
backfilling will be required subsequently.



(a) Accelerated Degree of Consolidation

Since the proposed stone columns will have diammetarging from 0.8 m to 1.2 m,
the action of radial drainage will be much moresefifve than that of conventional sand drains
or prefabricated band drains. As shown in Figurealbut 90% of consolidation can be
achieved for the load bearing composite groundr aftemonth of surcharge. Thus, a
surcharge period of three months is consideree t® ¢onservative expedient.

(b) Increase in Undrained Shear Strength

Due to stress concentration around the stone cautha actual overburden pressure
acting on the clay will be less than the averagehsuge pressure, resulting in the lower
bound profile of strength gain as shown in Figure Bhis lower bound of strength gain was
conservatively adopted in the stability analysiSpecifically designed stress concentration
relief caps, in the form of square pyramid of matghdimensions, will be placed on
designated load bearing stone columns to nulliy dffect of stress concentration. The
scenario that the stress concentration relief gagisoffset the stress concentration effect is
illustrated by the upper bound profile of streng#in in Figure 5. The stress concentration
relief caps are expected to further enhance thestabss of the design by reducing the
overall and differential settlement of the stonkiom supported foundations.

O UU Test
+ In-situ Vane Shear Test

10 X Laboratory Vane Shear Test

20

Fill Embankment

© 00 N O O~ W N P O
T

Degree of Consolidation, U (%)

30 | QQ €. X X
— 9% X
40 E i i >< >< ><
('\)lverf:lLoY&v ghamber = r X Upper bound profile of
50 0S. < 4 undrained shear strength
% B X after ground treatment
[} B + R > Lower bound profile of
60 Flow e undrained shear strength
Division Chamber 10 + gfter ground treatment
X+ x
70 11 - Initial design profile of
o x| undrained shear strength
80 12 before 8round treatment
. 13 .
Pumping o X
90; Station 14
Retaining
looLWal NS . 15
.0 0.5 1.0 1.5 2.0 25 3.0, 0 10 20 30 40 50
Time, t (month) Undrained Shear Strength, S, (kPa)
Figure 4 — Predicted Degree of Consolidation Figub — Undrained Shear Strength Profiles

CONSTRUCTION

Prior to the installation of the stone columns,agelr of sand blanket/drainage
materials is placed up to the 3 mPD level to faat#i installation, improve short-term stability
and enhance serviceability. The sand blanket seasea working platform for the required
machinery to install the stone columns and to itatd drainage. It helps forcing the
occurrence of bulging failure of single stone cohsmo greater depths, thus enhancing the
bearing capacity. It also facilitates initial g&dt out, planning of sedimentation ponds for
the silt-laden flushing water before disposal, Hresetting up of a site office.

—9-



Over 1,500 stone columns are being constructed twetatop-feeding process, in
whichthe vibroflot penetrates into the ground by the boad effects of its own weight and
the vibrating action of its eccentrically mountedtor. Water jetting out at the bottom and
along the sides of the vibroflot will facilitate petration, flushing out loose particles from the
hole, and maintaining the stability of the holegufe 6. At the required depth, the vibroflot
is withdrawn slightly and the pressure of the jgjtwater is reduced to maintain the stability
of the hole. A charge of stone is fed into theehby a front-end loader on the working
platform, and the vibroflot is then re-penetratetbithe hole to compact the stones into the
required diameter. This process is repeated, thighvibroflot remaining inside the hole for
stability, until the stone column is formed to tfreund surface.

Figure 6 — Installation of Stone Columns by Wet Téfeeding Process

After installation of the working stone columns gmtbr to the placement of the 4.5
m surcharge, the square pyramid stress concemtnagief caps will be placed on designated
load bearing stone columns. Instrumented fieltstesll be carried out and completed by
the end of the surcharge period. All functioningstiuments including pressure cells,
settlement sensors and piezometers used in tlietésts will be re-used in monitoring the
long-term performance of the stone column suppastadtures.

FIELD TESTS

A comprehensive field test program has been platoeslaluate the adequacy of
construction process, ultimate bearing capaciiggl land settlement characteristics, and gain
in undrained shear strength of the in-situ grourai(2002b). The field tests being carried
out on site include proof load tests, cell loadgezone load tests and vane shear tests.

Proof Load Tests

A proof load test is essentially a quality contte$t since the test load is applied
quickly onto a working stone column by jacking agdiheavy construction plant such as a
crane or a tractor mounted rig. A total of 7 prémdd tests with test loads 1.5 — 2.5 times
the equivalent working loads are being carriedtowtetermine the immediate load settlement
relationship. Preliminary proof load test resujisen in Figure 7 indicate that the test
column was properly installed with satisfactory iedrate load settlement characteristics.

—-10-
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Figure 7 — Load Settlement Characteristics of a Tggd Proof Load Test

Cell Load Tests

Three cell load tests as illustrated in Figure 8 & carried out to determine the
load settlement relationship and stress conceotratf three single working stone columns.
Each loading area will correspond to the unit eedla, which is the area tributary to a single
stone column as defined in Figure 2. The test l@dldoe equivalent to the ultimate bearing
capacity of a single stone column with at leasidsllincrements.

Zone Load Test

A practical zone load test covering 9 stone colunvilisalso be carried out for the
pump hall. The 6 m x 6 m square zone will be lobdethe 3 mPD level by kentledge.
Flat jack pressure cells will be placed on the adstone columns and on the surrounding
clay to gage the stress concentration effect wiitiet The test will be maintained until at
least 90% of consolidation settlement has beerrdedp and preferably be extended to cover
part of the secondary settlement behavior. Wislur@harge period of three months and the
predicted degrees of consolidation given in Figurd is anticipated that the zone load test
will yield valuable data on the consolidation s&tient behavior of the composite ground.
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Figure 8 — Typical Layout of the Cell Load Tests@the Zone Load Test
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In-situ Vane Shear Tests

The load carrying capacity of stone columns isdliyedependent on the gain in
shear strength of the clay due to the surchargiag.l Therefore, in-situ vane shear tests
will be carried out for each load test and at tbenflation level of the pumping station to
confirm the gain in shear strength.

INSTRUMENTATION AND MONITORING

Instrumentation has a crucial role in the desigrstoihe columns in this project.
The purpose is essentially to confirm the desigeumptions, to control the rate of
construction, or to modify the design if necessanch that the stability of the pumping
station and its associated structures can be ahsiumng and after construction. Hence, a
comprehensive network of geotechnical instruments een specified (Lau 2002b). The
instruments include monitoring points, settlemeidtgs, earth pressure cells, magnetic
extensometers, vertical and horizontal inclinongtesettlement sensors and settlement
profilers, vibrating wire piezometers and doubkmsipipe piezometers.

It is envisaged that monitoring will reveal thdisfactory performance of the raft
foundations, retaining wall and embankments suppddoly stone columns, since the design of
the stone columns was based on well establishe®yrdesethodology with reasonably
conservative design assumptions. The monitoringult® will also vyield valuable
information on the long-term behavior of stone cmfutreated composite ground; and such
data may facilitate more cost-effective stone caludasign in future.

CONCLUSIONS

A rare combination of challenging soil conditionsw shear strength and high
compressibility) and special design requirementsstfeffectiveness, robustness and noise
restriction) for this project have prompted a umigopportunity to employ vibroflotation
technique in Hong Kong. It has been shown thatiegpon of the stone columns was
executed to its fullest technical and economic athges for the lightly loaded pumping
station with relatively deep founding level.

The stone column design, which was based on simpiewell-established design
principle with reasonably conservative assumptidras been elucidated. Methodology to
assess the acceleration of consolidation, increaseear strength, improvement of stability
and reduction of settlement, has been demonstrafBlde application of surcharge at a level
commensurate with the final formation level and thee of specially designed stress
concentration relief caps will further enhance tbbustness of the design. Other critical
design elements — diameter, spacing, pattern aaraplacement ratio — that could influence
the performance of the pumping station have beesented in details.

Design considerations for construction to faciétatstallation of stone columns and
to improve short-term stability have been highleght The comprehensive field testing
program with preliminary results of proof load seand the scheme of an extensive network
of geotechnical monitoring are also introduced. is lenvisaged that the results of the field
tests and monitoring will confirm the design asstions, substantiate the performance of the
stone column supported structures, and yield véduiaibormation on the long-term behavior
of the stone column treated composite ground.

- 12—
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AN ALTERNATIVE PILE DRIVING FORMULA
— A PRELIMINARY STUDY

K. S.Li!, S. T. Charf and J. Lam®

Abstract: This paper reviews two pile driving formulae coonly used in Hong
Kong, namely, the Hiley formula and the formula gweed by the Hong Kong
Construction Association (HKCA). Data which illuste the limitations of the Hiley
formula are presented. An alternative pile formwhich removes some of the
limitations of the Hiley formula and HKCA formula proposed. The accuracy of the
proposed alternative pile driving formula is asaed by pile loading test results
from a foundation project. Recommendations are nfadeelaxing the applicable
range of allowable maximum final set values in prem the final set tables for pile
driving.

INTRODUCTION

Driven piles are usually designed to achieve aagenltimate capacity. Pile driving
formulae have been and are still widely used terdeinhe the allowable maximum final set
value for a given hammer weight, drop height ansigie ultimate pile capacity. Although
more sophisticated and arguably more reliable nuisth@sed on Pile Driving Analyzer (PDA)
tests are available for predicting pile capacihe tise of a suitable pile driving formula to
determine the allowable maximum final set valuesiish simpler, more convenient and cost
effective for field application.

Numerous pile driving formulae are available in litkerature (Chellis, 1944; Whitaker,
1976). The formula developed by Hiley (1922, 198%¢r 80 years ago has been the most
commonly used pile driving formulia Hong Kong although its application to long piless
been proven to be deficient time and again.

In this paper, a preliminary study on an alterraile driving formula applicable to
drop hammers and hydraulic hammers is presentéslIdaiding tests carried out at a Hong
Kong Housing Authority’s (HKHA) site (hereafter ezfed to as Site A) on H-piles tested to
failure or imminent failure indicate that the prgpd pile driving formula gives good
predictions of the ultimate capacity of driven pile

BASICS OF PILE DRIVING FORMULA

In this paper, three pile driving formulae arecdssed, including the Hiley formula,
the formula proposed by the Hong Kong Construcfiesociation (HKCA) in 1995 (hereafter
called the HKCA formula) and the proposed alterrgapile driving formula. All the three pile
driving formulae are based on the energy approdubhagives the following basic equation
(Li et al,2003).

! Director, Victor Li & Associates Ltd.
2 Chief Structural Engineer, the Hong Kong Housinghority
3 Engineer, Victor Li & Associates Ltd.



R=E/(s+c/2) 1)

whereE is the energy transferred to the pile-soil sysedtar impacts is the permanent pile
settlement per blow (also called the set value)aisdhe elastic compression of the pile-soil
system.

There are two pile-soil systems depending on whethe pile anvil/cushion is
included as part of the pile-soil system as disedidsy Li et al (2003). If the anvil/pile
cushion is included as part of the pile-soil systemergy will also be stored during elastic
compression of the pile cushion. The elastic cospoa should therefore comprise three
components, namelg,= Cc + Cp + CqwhereCc, Cp andCq are the temporary compression
of pile cushion, pile and solil respectively.

If the anvil/pile cushion is NOT included as paftthe pile-soil system, the energy
transferred to the pile-soil system will be conedrto energy stored in the pile and soil only.
In this case¢ = Cp+Cq andE is simply the total energy transferred to the piad E,, which
can be measured directly using a PDA té&gt.can be expressed in terms of the energy
transfer ratioX, defined ass, = X W h whereW is the hammer weight artuis the drop
height. The values &, andX are normally standard output in a PDA test report.

In some pile driving formulads is related to the kinetic energy of the hammenpiteef
impactE’. It is common to expreds’ is in terms of the hammer efficienaydefined a€’ =
a W h The hammer efficiency measures the energy losagidescend of the hammer. Some
hydraulic hammer systems impart energy to the hangmeng descend of the hammer and
the input energy of the hammer for pile drivingatually higher thaiw h. This may give
hammer efficiency higher than 1.0 even if therengrgy loss before impact (see results in
Figure 1 discussed later). As there is further gnéoss after impact can be expressed in
terms of the efficiency of hammer bloy This givesE=7E = a W hn.

HILEY FORMULA
By considering the simple physics of impact of tugdd bodies, Hiley (1922) derived
the following expression for the efficiency of hammblow 7 :-

_W+(va+Wr)e2_ 2+ W(l_ez)

T=Wrw, +w) W w, +w,) @)

whereW,, is the weight of pileW\; is the weight of anvil andis the coefficient of restitution.
According to Eq.2/7 decreases with pile weight. Therefore, the Hilmyrfula predicts higher
energy loss after impact as the pile length in@saghe Hiley formula considers the anvil as
part of the pile-soil system. Combining Eq.1 and2Egjves :-

aW h W+ (W, +W,) e*
X

- ®)
s+3(C.+C,+C,)  W+W, +W)




HKCA FORMULA

Hydraulic hammers were introduced in Hong Kongtle late 80s and gained
popularity in the early 90s. HKCA (1995) proposéeé following pile driving formula for
hydraulic hammers :-

K,E'
R=— (4)
s+;(C, +C,+C,)

whereKj is the hydraulic hammer factor which in fact Has same meaning as efficiency of
hammer blows. The anvil/pile cushion is considered as parthaf pile-soil system in the
HKCA formula and therefore the. term appears in Eq.4.

The only difference between the HKCA formula ahe tHiley formula is that a
constant hydraulic hammer factify, and hence a constantis used in the HKCA formula
whereasy decreases with pile length in the Hiley formutathe HKCA report, & factor of
0.6 is recommended for a pile driven with cushiod 8.7 for a pile driving system without
cushion. The recommenddd, factors that were derived a decade ago, basedhen t
performance of the hydraulic hammers at the tiare, too low and thus not applicable to
modern hydraulic hammers with much higher efficyenthis often results in the inability to
establish workable final set table using the HK®Anfula for driven piles installed using
modern hydraulic hammers. As explained byetLial (2003), the contractors would usually
switch to drop hammers and adopt the Hiley fornfatdinal setting of piles while hydraulic
hammers are used for pitching of piles.

ALTERNATIVE PILE DRIVING FORMULA

With the advent of foundation testing equipmeng #nergy transferred to the pile
head during drivingE, , can now be directly measured with high accureigg the PDA test.
This has led to the proposal of the following aitgive pile driving formula by Broms & Lim
(1988) and Paikowsky & Chernauskas (1992).

R=___ v (5)
s+3(C, +C,)

In this formula, the pile anvil/pile cushion is nodnsidered as part of the pile-soil
system and therefore the te@adoes not appear in the denominator of Eq.5.

The above formula eliminates uncertainties in thssuenption/measurement of
parameters in pile driving formula such as hamnfigciency a, elastic compression of pile
cushion C., efficiency of hammer blow; and coefficient of restitutiore. Eq.5 can be
presented in an equivalent form as follows :-

_ X Wh
s+1(C,+C,) (6)

Husseinet al (1992) observed that the energy transfer ratis not sensitive to the
drop height. The same finding is made for dataetptesented later in this paper. Therefore, a
design value ofX can be assigned for a particular pile driving eystin determining the
allowable final set values using Eq.6.



REVIEW OF EXISTING DATA

Energy Transfer Ratio

Figure 1 shows the data of energy transfer pdtineasured by PDA tests obtained by
Li (2002) from a number of foundation sites in Hdfgng and additional data obtained from
two other sites in Hong Kong. It can be observend the value oK for a given pile driving
system is generally independent of pile length gnrodind conditions within a site. The data in
Figure 1(b) for Site A, covering a large range widheights from 1.5m to 2.7m, suggest that
X is also not sensitive to drop height. If PDA temts performed on selected piles for a given
site during the initial phase of pile driving, aitably conservative design value Xfcan be

established for determining the allowable maximimalfset values for the site.
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Figure 1 Energy transfer ratio at different sites



Efficiency of Hammer Blow

It has been recognized for a long time that thecieficy of hammer blow tends to
be constant for long piles (Cornfield, 1961; GEO9G; Triantafyllidis 2001). Let al (2003)
have derived the following relationship figr-

X l:%(CC+CP+Cq)+s,

7= a7 1, +C+s (7)

Figure 2 shows the magnitude mpfcalculated for some piles for Site A based on the
values of X, a, C., G+Cqy and s measured by PDA tests and other field tests and
measurements. Also shown in Figure 2 is the vafug calculated using the Hiley formula
based on a coefficient of restitution of 0.32. Taga in Figure 2 clearly demonstrate that the
Hiley formula is not correct as the back-calculatatlies of7 tend to be independent of pile
length. If used, the Hiley formula will significdptunderestimate the efficiency of hammer
blow for long piles. The HKCA formula, which adomsconstant hydraulic hammer factor
with implication of a constant value gf is an improvement to the Hiley formula.

1.0 X X X
x X X ’&
X

- MX

0.6
1 N (Based on Hiley Formula)

0.4

0.2

0.0 \ \ \ \

10 20 30 40 50 60

Pile Length, L (m)

Figure 2 Efficiency of hammer blow for drop hanime

Accuracy of Alternative Pile Driving Formula

Figure 3 compares the ultimate capacity of pilesdjpted by the alternative pile
driving formula of Eq.5 with that predicted by CAFAN analysis or pile loading tests. The
data in Figure 3(a & b) are obtained from Broms i&l(1988), for which the failure loads of
piles predicted by CAPWAP were used as a basisHecking the accuracy of the alternative
pile driving formula. The data in Figure 3(c) aa&en from Paikowsky & Chernauskas (1992),
for which the failure loads were obtained from pdading tests.

A total of 7 test piles of Grade 55C 305x305x22MkdH-piles were loaded to failure
or 3.3 times the design pile capacity for Site Ack test pile was initially driven to final set
by hydraulic hammer, followed by a drop hammer. réfare, two different final set values
were obtained for each test pile.
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To compare the maximum test loads or failure lcadssured for the 7 test piles and
the ultimate capacity predicted by the alternafmile driving formula of Eqg. 6, the energy
transfer ratio measured by PDA tests and the meddimal set an€, + C, values are used.
Summaries of the pile length, hammer weight, dreglt, theC, + C, and final set values,
the PDA test results and the loading test resilthetest piles for driving by drop hammers
and by hydraulic hammers are given in Table 1.

Table 1 Details of test piles

. Elastic |Final se E _|Measured . : .
PIle | ength | weightw| heighth |comPression s | measurel SR energy | ot SR AREES
no. (m) (kN) (m) Cp+Cq |(mm/10| by PDA (kN-m) transfer test (kN) (kN) Y
(mm) blows) | (KN-m) ratio X
DROP HAMMER
1 35.0 | 194.43 1.6 40 2 201.56 311.09| 0.65 11328 9978
2 41.95| 194.43 1.8 46 13 235.71 349.97| 0.67 9912 9700
3 40.09| 194.43 1.8 40 2 209.50 349.97| 0.60 >11682 | 10371
4 36.0 | 194.43 1.6 40 0 207.06 311.09| 0.67 11328 10353
5 40.27| 194.43 1.8 44 1 224.02 349.97| 0.64 11328 10137
6 43.10| 194.43 2.1 50 1 232.20 408.30| 0.57 > 11682 9251
7 45.20| 194.43 1.8 45 1 240.54 349.97 | 0.69 10974 10643
HYDRAULIC HAMMER
1 35.0 | 164.81 1.9 38 20 238.38 313.14| 0.76 11328 11351
2 41.95| 164.81 1.9 41 28 231.20 313.14| 0.74 9912 9923
3 40.09| 164.81 1.9 39 12 225.20 313.14| 0.72 >11682 | 10879
4 36.0 | 164.81 1.9 39 4 234.23 313.14| 0.75 11328 1177(
5 40.27| 164.81 1.9 42 4 231.82 313.14| 0.74 11328 10833
6 43.10| 164.81 1.9 44 3 233.10 313.14| 0.74 >11682 | 10453
7 45.20| 164.81 1.9 41 14 246.15 313.14| 0.79 10974 1124(
Note: The measured energy transferred tojliss based on average results of last 10 blowsat $iet.

The soil profiles and load-settlement curves fa Thtest piles are presented in Figure
4. Figures 3(d) and 3(e) compare the predictedugenseasured ultimate capacity of the test
piles driven by hydraulic hammers and drop hammers.

The results in Figure 3 indicate that the altexsapile driving formula of Eq.5 or
EqQ.6 gives relatively good prediction of the ultimaile capacity, both for drop and hydraulic
hammers.

FINAL SET TABLE

In Hong Kong, it is common to restrict the applieatange of the final set values in a
final set table to values between 25mm and 50mni@drows. The former limit is based on
a recommendation specified in an old foundatiorecamely, the Code of Practice No. 4 —
Foundation (ICE, 1954) that the weight of the hanshould be sufficient to ensure a final
penetration of not less than 1/10 inch per blowisTéode was superseded by the code
CP2004 (BSI, 1972) and in turn by the British S&EdBS8004 (BSI, 1986). The limit of
25mm per 10 blows was dropped, but a new recomntiendat the final penetration should
not be more than 5mm per blow was introduced inG0R2nd BS8004.
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Figure 4 Details of test piles for Site A



One reason for setting a lower limit for the apgplile range of final set value is to
enforce piling contractor to use a heavy hammerpflar driving so as to reduce the driving
stress that risks damaging the pile €Lial, 2003). It is also commonly perceived by strudtura
engineers that the limit of 25mm per 10 blows isfeethe purpose of ensuring that the pile
driving energy is sufficiently high. However, adetg pile hammer energy can be ensured
through field measurements by PDA tests. Availatd¢a tend to suggest that the energy
transfer ratio for a given site is independenthd final set oiC, + C, values. Very often,
when a contractor drives a pile to a small findl\sdue to reduce the residual settlement of
the pile, theC, + Cy may progressively increase during pile driving. Whihe allowable
maximum final set is within the applicable rangel &imgher than 25mm per 10 blows initially
for a smaller pile penetration, it may quickly drimpbelow the limit of 25mm per 10 blows
with continued pile driving. The limit of 25mm p&® blows may therefore deter a contractor
from attaining a small set value although this withance the pile performance.

By imposing the limit of 50mm per 10 blows, it hag effect of limiting the weight of
hammer for pile driving. Some may argue that th@tlof 50mm per 10 blows is set to guard
against piles from being damaged by heavy hamrhkrsever, this seems contradicting with
the recommendation in CP4, CP2004 and BS8004 #dyat“# is always preferable to employ
the heaviest hammer practicable and to limit thekst so as not to damage the pile”.

The above rule of setting the applicable rangellofvable maximum final set values
is too restrictive. Liet al (2003) recommended that that the limit of 25mm p@mlows be
dropped. Alternatively, a recommendation can beanadrelax it to 10mm per 10 blows
which is in line with the common practice in Hongng for piles subjected to hard driving.
Li et al (2003) also suggested that if the calculated albdevdinal set value is larger than
50mm per 10 blows, it can be capped at 50mm pdaldls. Based on experience from field
PDA measurement, the chance of exceeding the ddlewdriving stress for steel H-pile is
small. In this case, the contractor will be disemed rather than banned from using a heavy
hammer for pile driving.

CONCLUSION

An alternative pile driving formula which relates the pile driving energy delivered
to the pile after impact has been proposed. Avklatata indicate that the formula is
applicableto both for hydraulic and drop hammers. As the enéraysfer ratioX is relatively
constant with pile length, drop height and groundditions within a given site, the proposed
formula can be implemented by adopting a singléable design value of for a particular
pile driving system for various drop heights. Thegosed formula obviates the need for
measuring or making assumptions of parametersdirdutheC. value, hammer efficiency,
coefficient of restitution. Recommendations forasehg the applicable range of allowable
maximum final set values are also made in detengithe final set table for pile driving.
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A CASE STUDY OF JACK PILING IN HONG KONG

K.S. Li%, J. Lam? Nick C.L.Ho’and P. K. K. Lee

Abstract: Jacked pile is a relatively new type of pile iorid Kong. It is not until recently
that the technique of pile jacking has been used Imited number of projects in Hong
Kong, generally for pitching of piles. Final segiof pile is often achieved by percussive
driving. There are no well-established set of teation criteria based on which jacked pile
can be installed to meet the pile acceptance keiter

This paper describes a case study of steel H-{hissvere completely installed by jacking at
a site in Hong Kong. All the jacked piles were leddnitially to 2.3 times the design pile
capacity for a short period of time during instadla and finally to 2.2 times the pile capacity,
at which the load would be maintained constantl tim settlement was less than 5mm in 15
minutes. In this paper, the influence of instatlatprocedures and preloading on the creep
movement and the pile penetration are describeth Dapile loading tests and other field
tests will also be presented. Based on the testltsesand field observations,
recommendations on pile installation and estabighihe termination criteria for jack piling
in Hong Kong are made.

INTRODUCTION

In Hong Kong, jacked piles have only been used ilmmited number of foundation
projects, all involving steel H-piles. Jacked piggs currently not an approved pile type endorsed
by the Buildings Department (BD). Piling contrastdrave yet to build up sufficient experience
in establishing suitable termination criteria fostalling jacked piles that can meet the stringent
pile acceptance criteria specified by the BD. Thsrthus a practical need to develop a general
procedure for formulating the termination critesigacked piles in Hong Kong.

This paper presents details of a recent foundgtimject in which steel H-piles were
completely installed by pile jacking. The performanof jacked piles at the site, hereafter
referred to as Site A, is discussed and the expegiggained from this site for establishing
practical termination criteria for jacked piles Mik presented.

FOUNDATION WORKSAT SITE A

Figure 1 shows the soil profile at the site, whiolinly comprises thin layers of fill
and/or alluvium overlying completely decomposedngea (CDG). Firm strata formed by
completely/highly decomposed granite (C/HDG) wifiTS'N” values exceeding 200 were found
at a depth of about 25.5 to 27.5m below groundcblestone was detected in the CDG layer in
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all of the boreholes, making this site particulaslyitable for jacked piles. Figure 2 shows the
variation of SPT “N” values with depth for the sitthe SPT “N” values increase with depth and
attain a value of higher than 200 when the C/HDg@1as encountered.
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Figure 1 Soil profile at Site A Figure 2 SPT \Wrsus depth

Grade 55C 305x305x180kg/m steel H-piles were usedife project. A pile jacking
machine with a capacity of 9000 kN was used inallieg the jacked piles. The construction
procedures of jack piles have been described iaildst Yue & Ho (2002). Jacked piles can be
placed at the centre or the end of the pile jackmaghine during installation. Full capacity of the
pile jacking machine can be mobilized if the jackel@ is placed at the centre location. If the
jacked pile is placed at the end location, the ciéypaf the machine will be reduced by half.

A total of 65 jacked H-piles with a design capafy2950 kN (referred hereafter to as
“full-capacity” piles) were installed by placingétlpiles at the centre location of the pile jacking
machine. There were another 11 piles located reasite boundaries and they could only be
installed by jacking at the end position of the mae. These piles have their design capacity
reduced by about half to 1550 kN and will be reddrto as “half-capacity” piles.

As discussed by Lét al (2003), pile buckling may occur if the voids orttbgides of the
web of an H-pile deepen to a certain critical desithing pile jacking. At Site A, three of the first
five jacked piles had buckled during installatiehreo measure was taken at that time to control
the development of void. To prevent pile bucklitigg technique of filling up the voids with sand
was employed for the remaining piles. Since thenpuackling of piles had occurred and sand
filling had then become a standard working procedar installing all the remaining piles.

The founding level of the full capacity jacked gileanged from 22 to 28m below ground
as shown in Figure 2. As the jacking machine hagkmoain at the pile location once the jacking
process commenced, H-piles were spliced to giveta tength of 30m before installation to
eliminate the waiting time for splicing of pilegsting and/or cooling of welded joints during pile
installation. At Site A, an average of 2 piles abbk installed each day.



TERMINATION CRITERIA

Termination criteria refer to a set of working pedares such that jacked piles installed
based on such procedures are expected to satesfyilthacceptance criteria. For the foundation
project at Site A, the pile acceptance criteriapield were those used by the BD as described in
the Practice Note PNAPG66 published by the depaitniiewe denote the design pile capacity as
WL, the allowable maximum settlement at 2WL rand@ieain 35 to 43mm for the full capacity
piles of the project and from 31 to 34mm for thdf lbapacity piles according to the BD’s pile
acceptance criterion for total settlement, depandin the actual pile length. The allowable
residual settlement was 6.7mm for both full-capeaitd half-capacity piles.

Experiences show that if a jacked pile is subjetted jacking force sufficiently higher
than the design ultimate capacity and maintainedafgufficiently long period of time, it will
pass the BD’s pile acceptance criteria when sulesetyutested at a load equal to the design
ultimate capacity. Let al (2003) used the term “pre-creeping” to describe libading process.
The idea of pre-creeping is similar to the well Wmo concept of accelerating primary
consolidation settlement and reducing residualesaént of a clay deposit by surcharging.

At the inception of the foundation project at SRe there was little experience in the
formulation of termination criteria or on how preeeping should be performed for jacked piles
in Hong Kong. Chamt al (2002) reported a case study of an instrumentgeghpile for a public
housing project. The pile was subjected to pregngeunder a jacking force with magnitude
varying between 2.0WL and 2.1WL for a period of atb® hours. From a construction point of
view, a pre-creeping duration of 2 hours is alretdylong to be practicable, yet the jacked pile
failed to pass the BD’s acceptance criterion faicheal settlement. The unsuccessful case study
reported by Chaet al (2002) does serve to indicate that if the durabbpre-creeping is to be
reduced to a practical limit, say less than onea hibe jacking force has to be increased to above
2.1WL.

To develop the termination criteria for Site A, exigs of tests were conducted for a
working pile at the beginning of the project. Thiee pvas subjected to 7 loading cycles with
specified load levels. The settlement versus tiorges for the 7 load cycles are shown in Figure
3(a). For each load cycle, the specified jackingdowas maintained constant until the rate of
settlement was less than 5mm per 15 minutes. Tiesltbld settlement rate of 5mm per 15
minutes was adopted because it had been usedr déarlenother project described in Chetral
(2002).

Tests 1, 2, 4 and 6 involved virgin loading at @asing loads of 2.1WL, 2.2WL, 2.32WL
and 2.43WL respectively. Tests 1 and 2 were eachlwtded in two stages to investigate the
settlement behaviour of a jacked pile subjecteghhtased pre-creeping. In both tests, the pile
settlement curve of the second stage of loadinglargsly a continuation of that of the first stage
of loading. Therefore, dividing the pre-creepinggass into several stages would not have any
benefit in accelerating the creep settlement opiles for Site A.

Tests 3, 5 and 7 were each carried out at a cdnsi@h of 2.1WL for a period of about
17 minutes. The aim was to investigate the settiérbehaviour of the pile after it had been
preloaded to different load levels. Figure 3(b)whohe settlement curves of Tests 3, 5and 7 in a



larger scale. It can be observed that there wasddysno pile settlement after 2 minutes. When
the pile was unloaded, it rebounded essentiallgnrelastic manner giving very small residual
settlements of 2mm, 1mm and 0.4mm respectivelyf&sts 3, 5 and 7. Based on these findings,
it was judged that performing pre-creeping at 2.2Mvitil the settlement rate was less than 5mm
per 15 minutes would be adequate for a pile to passptance criteria at Site A. There was a
concern that the pre-creeping process might taka@ time to reach the threshold settlement
rate of 5mm per 15 minutes. A decision was thusartadadopt the following two-stage pre-

creeping:

a. An initial pre-creeping was carried out at 2.3Wtil the settlement rate was less than
about 3mm per minute.

b. The second stage of pre-creeping was carrieé@toR2WL until the settlement rate was
less than 5mm per 15 minutes.
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Figure 3 (a) Settlement curves for the 7 tests rei@ub) Settlement curves for
Tests 3,5and 7

The initial pre-creeping was intended to be cardatifor a short period of time and hence a
lower threshold settlement rate was adopted. ltesetwo main purposes. First, if pre-creeping
was carried out at a higher load level, it wouldnb@e confident that the jacked pile would pass
the acceptance criteria. Second, the initial pegging was intended to reduce the total time
required for entire process of pre-creeping.

The procedures of the 2-stage pre-creeping prodessribed above were adopted for
installing all the jacked piles for Site A, provigj practicable and workable termination criteria
for the project. In addition, inelastic responsepdés which gives significant pile settlement
during reloading may occur for some sites, depandim the pile length and ground conditions
(Li et al, 2003). Dividing the pre-creeping process into stages would give a good indication
of whether the pile would exhibit elastic behavialuring reloading. If inelastic behaviour is
detected, the pile should be subjected to a fewesyof repeated loading to achieve elastic
behaviour before commencement of pre-creeping. Sitar A, the entire 2-stage pre-creeping
process could normally be completed within 45 mesut



REVIEW OF EXISTING DATA

P-d curveand &-t curve

The force,P, required to jack a pile into the ground increaséh pile penetrationgd.
Figure 4(a) shows a schematic load versus piletpdme curve of a jacked pile, called the P-d
curve. Figure 4(b) shows a sample P-d curve of Sind also the range of P-d curves of all
jacked piles at the site. The P-d curves for Sildvery similar to each other, as evidenced by
the relatively narrow range indicated in Figure)4(bcould perhaps be attributed to the uniform
soil profile of the site.
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Figure 4 (a) P-d curve of a pile Figure 4 (bdnBe of P-d curves for Site A

When the applied load reaches a specified levelnaaititained constant, say Point B in
Figure 4(a), the pile will continue to settle slgwkith time along the vertical path BC. The
settlement versus time curve during constant Igadin called adt curve whered means
settlement under constant load amtbnotes time. L&t al (2003) considered that the settlemant

is largely creep settlement. For this reasomr:tacurve can be regarded as a creep settlement
curve.

Figure 5(a) shows a typicakt curve for Site A when the jacked pile was subjgdtea
constant loading of 2.3WL. The creep settlementewuickly approached an asymptotic value
in about 30 minutes.

As discovered by Lét al (2003), thedt curve of a jacked pile can generally be fittedaby
rectangular hyperbola of the foron=t / (M t + C). By plottingdt versug, the data will produce
a straight line with gradient M and an intercepagshown in Figure 5(b). The ultimate creep
settlement of a jacked pile under constant loaddng,can be predicted using the relationship
= 1/ M. Having obtained the parameters of the regigar hyperbola, the rate of settlement at
timet is given as:



6 c (1)

dt  (Mt+C)>

The residual creep settlemedt,at timet, i.e. the creep settlement which has yet to occur
before reaching the ultimate creep settlendgpnafter timet has elapsed, can be calculated using
the following formula.

5= C @
M (M t +C)
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Effect of preloading

All the jacked piles at Site A had been preloaded toad level higher than the design
ultimate capacity. The maximum preload of a piléhwespect to any particular state of loading
is defined as the highest load ever applied tgtleebefore reaching that stage of loading, Rg.
as defined in Figure 6(a). The preloading ratideéined as the ratio of the maximum preload to
the applied load at the current stage of loadilegPi / Pe in Figure 6(a).

Creep settlement of jacked piles can be reducdd prvéloading. If the pile is reloaded to
a load levelPe lower thanPg and subjected to constant loading at Point E,uttimate creep
settlementd,: which will occur under a constant loading at Pdintvould be smaller than the
residual creep settlemendt under a constant loading at Point C, &g < 4&. In addition, the
ratio of residual settlement reduction, defined d&yy / &, will decrease with an increase in
preloading ratio. Based on this principle, pre-preg at a higher load level could significantly
reduce the total creep settlement that will occhemvthe pile is subsequently reloaded to a lower
load level. However, the maximum load level at \ahigre-creeping can be carried out is
controlled by the capacity of the jack piling maehiand the likelihood of pile buckling at that
load level.
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Figure 6 Preloading on creep settlement reduction

To study the creep settlement behaviour of a pdeldeile, the jacked piles at Site A
were subjected to constant loading at different lteavels (i.e.Pg in Figure 6(a)) of 2.1WL,
2.2WL or 2.3WL for a short period of time. The gilere then unloaded and reloaded to a lower
load level (i.ePg in Figure 6(a)). The ultimate creep settlemaépntat Pe and the residual creep
settlementd at Pg were both predicted using the rectangular hyperboéthod. Figure 6(b)
shows the ratio of residual settlement reductiattetl against the preloading ratio PRRs/ Pg,
together with an upper bound envelope fitted toddua. It can be observed from Figure 6(b) that
the ratio of residual settlement reduction decreaapidly with an increase in preloading ratio.
This suggests that preloading is very effectivedducing creep settlement of jacked piles for
Site A.

Effect of sand filling

A jacked pile would exhibit different creep settiembh behaviour if sand filling is carried
out at different stages of pile installation. Figuf shows the settlement curves of 5 piles which
were close to one another and all were subjectebet®-stage pre-creeping process described
earlier. Figure 7(a) shows the settlement curve &ill-capacity jacked pile (no.1), which was
successfully installed without sand filling but ramed unbuckled. Figure 7(b) shows the
settlement curves for another two full-capacitykgt piles (nos. 2 & 3), which were installed
with sand filling commenced at the start of jackikggure 7(c) shows the settlement curves of
two typical full-capacity jacked piles (nos. 4 aidwhich were installed with sand filling carried
out after the jacking force had reached 2WL.

Figure 7 indicates that sand filling has the effettspeeding up the process of pre-
creeping. The settlement curves approached an asgmpalue in about 2 hours for the pile
without sand filling (pile no.1 in Figure 7(a)), #dinutes for piles with sand filling commenced
at 2WL (pile nos. 4 and 5 in Figure 7(c)) and 1%umes for piles with sand filling started at the
beginning of pile jacking. The settlement curvesigure 7 also indicate that sand filling has the
effect of reducing the total creep settlement efthes.
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The soil profile, the SPT “N” values with depth atie founding levels for the above 5
piles are shown in Figure 8. Sand filling increates shaft friction of jacked piles to varying
degree, depending on when sand filling is commewuicgohg pile installation. Figure 8 indicates
that the founding level was highest for pile nosarf@dl 3 with early sand filling. The SPT “N”
values at the founding levels of pile nos. 2 ande3e less than 70. The process of sand filling
may have, to a certain extent, transformed the lél-pito a large displacement pile with
significant shaft friction. The founding level ol@ono. 1 was similar to that of pile nos. 4 and 5,
indicating that delayed sand filling at 2WL will heignificantly increase the shaft friction of
jacked piles. However, the delayed sand fillingssential in preventing pile buckling.

As could be observed from Figure 2, the majorityhef piles were founded at levels with
SPT ‘N’ values of less than 150. This is in greattcast to driven piles which normally need to
be driven to found on firm strata with SPT “N” valihigher than 200 before they can pass the
pile acceptance criteria.
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Pileloading tests

Four pile loading tests were conducted at Site We@& of them were conducted on full
capacity jacked piles and one on a half capaaitiggd pile. The BD’s procedures of pile loading
test as described in PNAP66 were adopted. The ywibes tested to a maximum applied load of
2WL for a period of 72 hours at the final stagelad#ding. Figure 9(a) shows the loading test
results of the first successfully completed jackéd at Site A, i.e. the same pile which gave the
pile settlement curves in Figure 3.

Figure 9(b) shows the load test results of andihiecapacity jacked pile of the site. During the
loading test, the pile had been temporarily oveléohfor a few hours up to a load of about 6600
kN, i.e. 2.24WL. During this period, the total piettlement shot up to 30.228mm and later
dropped back to about 29.2mm when the hydrauliksjagere readjusted to reproduce the target
applied test load of 2WL. Even so, the total pg&lement had not exceeded the allowable value
of 39.258mm. The residual settlement was still weithin the allowable limit despite the
overloading of pile during pile loading test.

Figures 9(c) and (d) show respectively the loadesy results of the shortest full-capacity jacked
pile and a relatively short half-capacity jackete @t Site A. All the loading test results indicate
that the jacked piles had passed the BD’s acceptarnterion for both the total and residual



settlement with a good margin. They also confirrtteat the termination criteria established for
the jacked piles for Site A were practicable arabis.
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Figure 9 Pile loading test results

REVIEW OF TERMINATION CRITERIA

At the final stage of pile jacking at Site A, preeping was carried out at a load of
2.2WL until the rate of creep settlement was lass tmm per 15 minutes. It is useful to review
whether this threshold settlement rate was inddedwate for Site A.

When the pile is reloaded to 2WL during static iogdtest after completion of pre-
creeping at 2.2WL, the pile would have experiengedloading at a preloading ratio of
2.2/2.0=1.1. According to 6(b), the ratio of redowtin creep settlement corresponding to this
preloading ratio is about 30%. Therefore, to achian ultimate settlement not exceeding 6.7mm
at 2WL, the residual settlement after pre-creepin®.2WL should be limited to less than 6.7/0.3
=22.3mm.

Figure 10(a) shows the predicted ultimate creepesatnt at 2.2WL, &,)2.2wi, plotted
against the predicted residual creep settlemeaBavL, ©)..sw.. Both quantities were predicted
using the rectangular hyperbola method. It canbseved that the ultimate settlement at 2.2WL
can be just a small fraction of the residual setet at 2.3WL. This indicates that initial pre-
creeping at 2.3WL was effective in reducing theeprsettlement at 2.2WL for many of the piles
at Site A, even if the preloading ratio of 1.1 vgasall for the initial pre-creeping.

The residual settlement at 2.2WL when the settlémate reaches the threshold
settlement rate of 5Smm per 15 minutes, denoted: Bynm/1smingy Can be calculated by means of



Eq.1 and Eq.2 and plotted againgfi)2.owias shown in Figure 10(b). It can also be seentlizat
predicted values ob: smmisminsyat 2.2WL are all smaller than the target valu€®Bmm, and
mostly below 12mm. This indicates that the use dfirashold settlement rate of 5mm per 15
minutes as a criterion for terminating the pre-pneg process was adequate and, in fact, slightly
conservative for Site A.
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Figure 10 (a) Comparison of ultimate creep FigLo€b) Residual creep settlement
settlement at 2.2WL with residual at 2.2WL whiea threshold
settlement at 2.3WL settlement rate is reached

CONCLUSION

This paper presents a case study of jacked pileSife A in Hong Kong. The influence
of installation procedures and preloading on theepr settlement and pile penetration are
discussed using the field test data obtained fiwrstte. The paper discusses the thinking behind
the formulation of termination criteria of jackedpies for Site A. The termination criteria
established for the site are considered to be ipedie, simple to implement and more
importantly workable as confirmed by the good rsswoff four loading tests. The experiences
gained from Site A are useful for establishing temination criteria for jacked piles for other
sites in Hong Kong.
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URGENT SLOPE UPGRADING WORKSFOLLOWING THE AUGUST 1999
SHEK KIPMEI LANDSLIDE

L SLui*andW K Pun?

Abstract

On 25 August 1999, a landslide occurred at a 5Qyh-ltiut slope behind the
former housing Blocks 36 and 38 of Shek Kip Meidst resulting in permanent
evacuation of three housing blocks in front. Taedslide primarily comprised
distress with extensive slope surface cracking lacdlized detachments. The
urgent upgrading works, mainly including retainmgll construction and soil
nail installation, commenced shortly after the Eitte. The works from the
stage of investigation, design, to constructionenaympleted within 16 months.
This paper highlights aspects of the geotechniesigh featuring the assessment
of design options and the design considerationthefupgrading works. The
project constraints and the solutions to overconeentare also presented. This
project demonstrates the importance of proactivencanication and partnership
with other stakeholders.

INTRODUCTION

On 25 August 1999, a landslide occurred at a logtesno. 11NW-B/C90 (slope C90)
behind the former Blocks 36 and 38 of the Shek Mig Estate (Figure 1). The landslide
resulted in extensive surface cracks on the slopgdaalized detachment of soil mass from the
slope. Three housing blocks, namely Blocks 35a8® 38 of Shek Kip Mei Estate, and the
“Goddess of Mercy” temple located in front of thepe were evacuated after the landslide.

Slope C90 is about 100m long and has a maximughheif about 50m. The lower

five batters of the slope stand at about &0the horizontal whereas the upper part is at 30
The slope was covered with chunam before the latedsimmediately after the landslide, the
lower portion of the slope which exhibited signgiit signs of distress was covered with
sprayed concrete as an emergency surface protectiororder to relieve the groundwater
pressure, which might trigger further instability the slope, twenty 12m-long prescriptive
raking drains were installed along the toe of tlopes The slope movement was monitored
closely by surveying at daily intervals in the finsonth after the landslide.

Following the landslide, the Government made alipybledge that the long-term
upgrading works to slope C90 and three adjoinimges no. 11NW-B/C68, C91 and C585
would be completed by the end of 2000. The GewnieahEngineering Office (GEO) of the
Civil Engineering Department (CED) undertook thesige and construction of the urgent
upgrading works under the Landslip Preventive MessLPM) Programme. The LPM
Programme is a long-term strategy of the Governmantthe Hong Kong SAR to
systematically upgrade substandard Government shapprogressively reduce the landslide
risk from slopes affecting the community.

! Geotechnical Engineering Office, Civil Engineeribgpartment, Government of the Hong Kong
Special Administrative Region.



THE LANDSLIDE

After the incident, the[| %
GEO initiated a comprehensiv
investigation on this landslid

discovered that the landslide he «
resulted in significant slope’
distress in the middle and lowess
parts of the slope, with crack *
running along almost the entir4 874
slope length. The landslidg@st
debris was essentially intact an
displaced downwards. It wa
estimated to have a volume (#88
about 2,500r The majority of = ¢*
the displaced material, despil:;_;“
local collapses of debris, had
limited mobility and remained{
on the slope. k

After a series off- ..
investigation, a number ol &
unfavourable factors leading to
the landslide were identified.
One of the factors was the
existence of a persistent discontinuity with kaaimill. This pre-existing discontinuity,
which dips out at a shallow angle near the slopg twas revealed by the landslide
investigation team as the basal slip surface oflahdslide. Another factor leading to the
landslide was infiltration into the slope througte{existing tension cracks, the defects on the
chunam cover and an area with unauthorized culbneabove slope C90. The presence of
old drainage lines on the slope would also havenrmbigsed subsurface water to the slope,
leading to adverse groundwater condition. Detalilthe landslide investigation findings are
documented in a report by the Fugro Maunsell Sébkson Joint Venture (2000). A good
understanding of the mechanisms of failure and uhfavourable factors leading to the
landslide was vital to the design of the slope aggrg works.

Figure 1 — View of the Slopes (Dotted line shows
extent of distressed zone)

GROUND AND GROUNDWATER CONDITIONS

To gather information on the subsurface conditiohthe slope and to obtain samples
for laboratory tests, a comprehensive ground ingason (GI) was carried out shortly after
the landslide. The GI works comprised 22 vertarad 5 horizontal drillholes, 14 trial pits, 10
trial trenches and 11 surface strippings. Theiceadrdrillholes were sunk by rotary drilling
with air foam flushing to various depths rangingnfr 12m to 60m. The horizontal drillholes
were 20m to 50m long. Figure 2 shows the locatmfithese Gl stations. Piezometers with
Halcrow buckets were installed in the vertical ldoles for groundwater monitoring.
Laboratory tests were conducted on soil samplegeved from the Gl fieldwork. These
included classification tests for determining thedal characteristics of the material present in
the slope, a series of consolidated undrainedigdli@mompression tests in mazier samples and
direct shear box tests for measuring the sheargttref clay-infilled joints.
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As illustrated by a typical geological section kigure 3, the geology of the site
comprises a soil mantle of completely to highly @aposed granite of thickness ranging
from 4m to 16m, overlying moderately to slightlycdenposed granite. Fill was present
locally at the slope toe at the temple platfornhe 51 also revealed a persistent discontinuity
infilled with slickensided kaolin and manganesedexdeposits with a maximum thickness of
about 20mm and dipping at a shallow angle, at aBdub 10, out of the slope. This
discontinuity had a lateral persistence of abouh.6dension cracks, mostly infilled with soil,
were found in the displaced soil mass with a maxmwidth and depth of about 300mm and
3m respectively.

Groundwater monitoring at the site was carried oght after piezometers were
installed at a frequency of fortnightly in the dsgason and weekly in the wet season.
Halcrow buckets were provided in the piezometers dapturing the peak transient
groundwater response. Return periods of the @imst related to the groundwater response
were analyzed based on the statistical correlatbham & Leung (1994). By comparing the
groundwater rise and the rainfall
intensity of the  corresponding
rainstorms and that of a rainstorm wit “|
a 10-year return period, the desic-"
groundwater level was assessed to bez ™
5m above the inferred bedrock level ¢z * MBG
shown in Figure 3. In addition, thez®
design allowed for a 3m-high perche *
water level above the persistent kaolii *
infilled discontinuity to account for the *
possible perching of groundwater abo\ *

this relatively less permeable feature.  *
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laboratory test results. The she
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material. As the persistent kaolir ©
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Three feasible design optione
were identified for the upgrading Figure 4 — Design Options of Upgrading Works
works for slope C90 (Figure 4). To for Slope C90



identify the most suitable scheme, an assessmeheadptions were carried out, considering

the factors of reliability, ease of constructioite €onstraints, cost and environmental impact.
The first option was to cut back the slope to temay the slip mass. Soil nails would be

installed on the new slope profile after cuttingkaln the second option, soil nails would be

installed without removing the distressed materlalthe third option, a toe support would be

provided by constructing a L-shaped reinforced oetec (R.C.) retaining wall at the slope toe

and backfilling it with rockfill. A temporary cwtlope at the slope toe was required to allow
space to accommodate the wall. Soil nails woulgrogided on the temporary cut and on the
upper part of the slope not supported by the rthckfhe pros and cons of the three options are
summarized in Table 1:

Table 1 : Pros and Cons of the Design Options afrbiging Works

Options Pros Cons
1 - The distressed material in the Extensive earthworks would bhe
landslide would be removed. THis required to be carried out in the wet
scheme would be reliable. season of 2000.
Long construction period was
anticipated.

Heavy machinery would be required
to work at height on the slope with|a
steep profile.
2 . This option would have the. The distressed material involved (in
shortest construction time. the landslide would be left in placg,
No excavation works would he so this material might be subject |to
required and the works programme further movement well before the soil
would therefore be less susceptible to nail forces are mobilized. The
delays caused by adverse weather. robustness of this option would
therefore be poor.

3 . Toe weight of the retaining wall- This option would be the mo
and rockfill would be effective for expensive.

stabilizing the slope with previoys A small temporary cut into the
deep-seated move-ment. This distressed material of the slope would
would be a robust design. be required.
The use of rockfil would b

effective in providing drainage

the slope behind the wall.

Little earthworks would b

required, so the constructign

would not be seriously affected by

bad weather.

U7
—+

After evaluating the pros and cons of the variopBons, the third option was chosen
as it could fulfill the requirements on stabilitiptegrity, construction safety and time
constraints, although it would be slightly morettos

DESIGN RATIONALE

The detailed design of the upgrading works hachter for all the unfavourable factors
leading to the landslide. For instance, the psidiscontinuity with kaolin infill was taken



into consideration in the geological model for thesign. Possible sliding failure along the
discontinuity was analysed taking into account line shear strength of the clay-infilled
material and the potential for development of pedcwater on the discontinuity. The pre-
existing tension cracks were sealed up during tbeksv Despite this, the potential adverse
effects of the hydrostatic pressure brought by wiatuced in tension cracks were taken into
account in the slope stability analysis. Also, @dimaged surface protection covers were
replaced by new ones. As slope C90 was locatedlsbrrainage lines, rockfill was used
rather than soll fill as backfilling material toetlioe retaining wall because it would be more
effective in providing drainage for the slope. @&lshe backfilling operation of rockfill would
be less susceptible to delays due to adverse weathdhe tight construction programme
would not be affected.

Though the project was quite urgent, stability antegrity of the slope during
construction could not be compromised. The stghif the 8m-high 60temporary cutting
into the displaced soil mass for the retaining wadhstruction was of concern. The
construction sequence was well-planned in the destigge in such a way that the majority of
the soil nails at the lower and middle parts opsl@€90 would have been installed before the
onset of the first wet season after the landslilestage-by-stage excavation of the temporary
cut slope followed by installation of soil nails svepecified in detail in the contract drawings.

A total number of 826 soil nails was put on sl@#0 and a 75m-long retaining wall
with a maximum height of 8m was constructed. Tbst ©f the works for slope C90 was
$13.6M.

PROJECT CONSTRAINTS
TimeLimit

A lot of constraints were faced by the projectnteaThe tight time limit was a big
concern. By the time the upgrading works werectge into the LPM Programme, only 16
months were available for the site investigatiogtaded design and construction. All these
activities were arranged to fit into a very tighbgramme. Right after the availability of
preliminary Gl results in mid-November 1999, thejpct team immediately commenced the
design process of the upgrading works includingnidation of ground model, design option
assessment, project plan circulation, resolvingd lauatters, detailed design and preparation of
contract drawings. All these were fast-tracked amae completed in about two months,
which usually would take about six months to cortgpleWithin this short period of time,
close liaison was maintained with the landslideestigation team to collect the most updated
landslide investigation findings as input to théaded design of the upgrading works. At
around the same time, the Housing Department (Hi) decided to demolish the vacant
housing blocks in front of slope C90. Close liaiswas made with the HD staff to agree on
the boundaries of the two sites for the demolitimrks and slope works respectively. The
positions of the site boundaries would affect thgnanent of the new retaining wall and more
importantly the extent of the temporary cut slope.

The site works started in mid-February 2000, imiaietly after the Chinese New Year
holidays. Usually it would take about 15 monthgaonplete works of such a large scale, but
only approximately 10 months were used and mosh@fworks had to be carried out in the
wet season of 2000. Close communication betweersite staff and the design team was
maintained throughout the course of the workse &iteries were resolved promptly to avoid



any delay. One major design amendment to fa@litanstruction was changing the retaining
wall type from L-shaped R. C. wall to a mass cotecveall. This saved about one month.

Limited Working Space

The limited working space on site also pos~~
a constraint to the project. The housing bloc
before they were demolished, were very close to
slope toe with a minimum clear distance of about .
as shown in Figure 5. To have a robust desigr
would have been better to build a higher retaini
wall to retain more rockfill to cover all the diesed
material. A higher retaining wall, however, wou
require a bigger wall base which in turn wo
require a higher temporary cut at the slope toe.
balance had to be achieved on this in view of
limited space. Access to the site was also limit
Only one vehicular access adjacent to a prim :
school was available, which had to be shared by Z5ess
two contractors carrying out the demolition asg
slope upgrading works respectively and by t
school students.

Clearance of the Temple

The goddess of mercy temple was located 0"
a platform abutting the slope toe. It had to be
cleared to make way for the retaining wall
construction. One might imagine how much resistahere would be from the worshippers
since this popular religious venue had been th@arenbre than 35 years. Proactive discussion
was held with the party in
charge of the temple, Distric ®] S s SLOPE NO._11NW-8/c91
Councilors and worshipper: *]
to explain the reasons q
clearance so as to minimiz |
their discontent. With the
assistance from a number ¢
Government departments, th_
temple was finally cleared a ™
scheduled for the;5°- PROPOSED SOIL MAIL
construction of the slopese«; A
upgrading works. "

Figure 5 — Limited Worklng Space
on Site
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As mentioned before,
after the landslide on slope ™
C90, the three slopes adjacent  Figure 6 — Typical Section Showing Upgrading
to slope C90 were also Works on Slopes C91 and C585




injected into the LPM Programme. The upgradingksarn the slopes included installation
of more than 1,900 number of soil nails of lengthging from 8m to 20m, installation of
prescriptive raking drains, slope surface protectiseasures and rock slope treatment works
as shown in the typical cross section in Figure@nstruction works commenced in mid-
September 1999 and was completed by April 200@e total construction cost for these three
slopes was $21.5M.

CONCLUSION

The project was completed safely, on time andiwitiudget. As a concluding remark,
proactive communication with all the concernediparin the project was essential in such an
urgent project. The teamwork of the various pariie/olved and the strong commitment of
project team to meet the project objectives angetavas the key to the success of the project.
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SHAFT CAPACITY OF FRICTION PILESCONSTRUCTED IN
SAPROLITE UNDER BENTONITE AND IMPLICATIONS FOR END
BEARING PILES

A R Picklest, SW Lee! and R Tosen?

Abstract: Three full scale load tests have recently beeniethrout on friction piles
constructed under bentonite slurry on the KCRC Rast Extension project (Contract
TCC300). The piles derived the majority of thedad carrying capacity from shaft
friction in completely decomposed granite. Eadt pgle incorporated multiple levels of
strain gauges and rod extensometers to enableddedistribution down the pile and the
pile shaft compression and toe settlement to berehied. The results of the three pile
tests are presented and a correlation betweern#ieresistance and SPT profile is given.
The load test results have been used to calibirate flifference models of the pile tests
and the models have then been modified to investitye load settlement behaviour for
end bearing piles constructed under bentonite. fifie difference models demonstrate
that the majority of the load applied to long emditing piles is dissipated in shaft friction
and little load is actually transferred to the tdethe pile. The models also demonstrate
that, as expected, the load settlement behaviouoraj friction piles is stiffer than
generally assumed for long end bearing piles.

INTRODUCTION

KCRC East Rail Contract TCC300 includes the camsion of approximately 220
friction piles with lengths typically in the rand® to 70 m. The friction piles are large
diameter bored cast-in-situ concrete piles and dasigned to derive their ultimate load
capacity from a combination of both shaft frictiamd end bearing in soil. The pile
construction method envisaged in the constructmmtract comprised excavation of the pile
bore within a temporary steel casing, which wadbeoadvanced at least 2 m ahead of the
excavation. Because of the presence of core stongsn the weathered rock, the
advancement of a steel casing ahead of the exoavitivirtually impossible and this often
requires a reduction in casing size as each ohlgiruis met. Penetration through the core
stones and the requirement to “telescope” downehgorary casing sizes results in a very
time consuming construction process.

The main contractor, Necso-China State-Hip HingtJdenture (NCHJV), proposed to
construct the piles using bentonite slurry to supfite pile bore. A short temporary casing
was installed at the top of the pile to provide edidtability near the ground surface. Bauer
(Hong Kong) Ltd. was the piling sub-contractor émnstruction of all the friction piles. The
proposed construction method was accepted by tggn&er and also accepted by Buildings
Department subject to a number of conditions bemeg In particular, the conditions relating
to pile capacity and pile load testing included:

() At working load, the maximum allowable shaft frati should not exceed 0.45 x SPT
‘N’ value in the completely decomposed rock, witlinait of 55 kPa.

(b) At working load the maximum allowable end bearimggsure for piles founded in soill
should not exceed 5 x SPT ‘N’ value with a limitldf00 kPa.

! Geotechnical Consulting Group (Asia) Ltd, Hong i§on



(c) A series of pile load tests would be required tendestrate that the design ultimate
capacity could be achieved (i.e. two times the mapn allowable working load).

(d) Settlement criteria for the loading tests wouldirbaccordance with the requirements
of PNAP 66, the de facto standard for pile teseptance in Hong Kong for piles that
require approval by Buildings Department.

Three friction pile load tests, referred to as BR1R131 and P125, were subsequently
carried out. The test pile results demonstratetl tthe design capacity criteria would have a
factor of safety significantly greater than 2 ahd settlement of the test piles easily met the
requirements of PNAP 66.

GROUND CONDITIONS

The thicknesses of the various soil layers attlinee pile test locations are shown on
Figure 1. At the location of test pile P117 the $ underlain by a succession of reclamation
fill, marine clay, alluvium and completely to highdlecomposed granite. The fill and marine
clay at the location of pile test P117 would cdnite to the negative skin friction loading on
the working piles and as such this test pile waswad through the fill and marine clay. The
alluvium layer at P117 is approximately 10 m thaoid is predominantly a firm to stiff silty
clay with a thin layer of sandy gravel at the base.

P117 (Dia=1.5m) P131 (Dia=1.5m) P125 (Dia=1.2m)
PH 6.5 mPD PH 17.6 mPD PH 10.5 mPD
GL 6 mPD i GL 17.2 mPD i GL 10.4 mPD

" FILL/ALL. (Cobble)
<—sleeve, base at —-0.1 mPD

CDG (sandy Silt)
OGSy Clayy—————

FILL (clayey Silt & Gravel)
<— sleeve, base at -9.5 mPD

T MARINE DEPOSIT (Clay)
ALL. (sandy Clay)

FILL/ALL. (Gravel)
HDG (sandy Silt)

10

= = Wm mm

20 - CDG (sandy Silt)

CDG (sandy Silt)

s = = mmX

ALL. (coarse Gravel)
CDG (sandy clayey Silt)

aXE = mm
L]

30

a0 CDG (silty Sand) <— -29.3 mPD

DBGL (m)

M _28.97 mPD
50 - CDG (sandy clayey Silt) Legend

ALL.: Alluvium
60 - CDG: Completely Decomposed Granite
- HDG: Highly Decomposed Granite
GL: Ground Level
70 PH: Pile Head
X <—-66.2mPD DBGL: Depth Below Ground Level

m : Pile Strain Gauge
80 - X : Extensometer

Figure 1: Ground conditions and details of theealftest piles.

At the location of test piles P125 and P131 theisiunderlain by relatively thin layers of
granular fill and alluvium/colluvium. At both thesecations the fill and alluvium/colluvium
are directly underlain by completely decomposediggaA sleeve was installed to the base of
the colluvium at P125 and as such the pile test &ahis location was carried entirely within
the CDG. The upper six meters of P131 was congluict a loose to medium dense sandy
gravel.

A borehole was drilled at the location of eachhsdf test piles with standard penetration
tests (SPT) carried out at 2 m intervals. In additi5 further boreholes with SPT profiles
were obtained in close proximity to each test pilee SPT profiles at each test pile location



are shown in Figure 2 plotted as both the increaleabd average cumulative SPT. The
incremental SPT is equivalent to the actual SPOroxl at a particular level. The average
cumulative SPT is a running average for the SPinftlee top of the friction zone of the pile
to the particular level at which the data is beamglysed. It is noted that the SPT profile
recorded at P125 above a level of —15 mPD is betvd89 and 50% higher than that
recorded at the 5 adjacent boreholes. The reasdhisadiscrepancy is not known.
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Figure 2: SPT N profiles at the locations of theséhpile tests.

DETAILSOF TEST PILESCONSTRUCTION AND PILE LOAD TESTS
Details of the three test piles are shown in Faglr As noted above, two of the piles,
P117 and P125, included a temporary outer and penntanner steel liner to form a sleeve
through the upper soil layers. The constructiaqusace for these two piles was as follows:
- Install the outer temporary steel casing and eateato the base of the casing
- Fill the bottom 1 m depth of the casing with aaléentonite cement grout
- Push the permanent steel casing approximatelynlb®&low the base of the temporary
casing
- Excavate to the base of the pile under a beralitrry, maintaining the bentonite
level at least 2 m above the ground water table
Install steel reinforcement cage and pile insgntation and then concrete the pile.
The construction sequence for pile P131 was éswel
Install an outer temporary steel casing to aldeptapproximately 8 m below ground
level
- Excavate to the base of the pile under a bergahitrry
Install steel reinforcement cage and pile insegatation
- Place concrete in the pile, removing the tempgocasing during concreting.
The construction timing for each of the three giile summarised in Table 1. The
excavation timing refers to excavation below theslef the permanent casing.

Table 1: Dates of construction and testing perafdbe three test piles.

Pile Commence Excavation | Commence Concrete Commence Test
Complete Excavation Complete Concrete Complete Test
P117 25/9/01 12h00 29/9/01 12h10 20/11/01 17h51
27/9/01 12h00 29/9/01 15h35 25/11/01 03h50
P131 13/12/01 14h30 14/12/01 16h30 11/3/02 16h26
14/12/01 10h00 14/12/01 19h00 16/3/02 08h50
P125 2/4/02 08h00 3/4/02 15h30 14/5/02 18h22
2/4/02 12h30 3/4/02 18h00 24/5/02 21h06




The pile test loading procedure for all thre@pigenerally followed the requirements set
out in PNAP 66. The pile was initially loaded inn¢rements to half the design pile capacity
(nominally the working load, based on 0.45N on #maft and 5N on the base). After
unloading, the pile was reloaded in 4 incrementthéodesign pile capacity (nominally two
times the working load). The load was maintainetha design capacity for 72 hours. A
third loading cycle was included at P125 with thle fpad taken up to 1.25 times the design
pile capacity (nominally 2.5 times the design wogkload).

RESULTSOF PILE LOAD TESTS

The pile head settlement and re-bound (resicetiement) at the working load and two
times the working load are summarised in Table & pile head settlement of P125 at 2.5
times the working load was 32 mm and the resideidllesnent on unloading was 23 mm.

Table 2: Summary of the test pile results.

Pile Test Load Head Residual | Test Load Head Residual
(IXWL) kN | Settle. mm| Settle. mm| (2xWL) kN | Settle. mm| Settle. mm
P117 7500 4.7 0.6 15000 12.8 2.5
P131 5770 2.7 0.6 11540 6.1 2.5
P125 3800 2.5 0.3 7600 11.2 4.8

Each pile incorporated two rod extensometers fixed at the base of the pile to measure
the pile toe movement and the other fixed at thellef the base of the temporary casing (or
10 m below the top of the pile in the case of P13lhe pile compression can be determined
from the rod extensometer data and, based on tharkioad applied to the pile, it is possible
to back analyse the stiffness of the concrete. aJlerage concrete stiffness determined for
the three piles was 3.1x1BRN/m?. The composite pile modulus for each of the pidegiven
in Table 3. The composite modulus makes allowararettie variation in reinforcement
quantity in the pile and also the permanent steet .|

Table 3: Variation of composite modulus of the fakis.

P117 P131 P125
Pile Level Modulus Pile Level Modulus Pile Level Modulus
From/to mPD| kN/m? | From/to mPD| kN/m? From/to mPD| kN/m?
6.0t0 7.3 42x10 | 176t08.7 3.9x10 | 105t0-0.1| 4.2x10
-7.3t0-11.0| 3.6x10| 87to-2.1 3.4x10 | -0.1to0-29.3| 3.1x10
-11.0t0 -66.3] 3.1x10 | -2.1t0-29.0| 3.3x10

The load at various levels in the pile can be rdeiteed from the strain gauge output and
the estimated composite modulus of the pile atlangl. Figure 3 shows the variation in the
load down each pile measured by each of the sfyaiiges for the loading stage to the design
pile capacity (i.e. 2xWL). The data obtained framsmall number of the strain gauges
indicated load values which were not consistenhilie pile test, for example load higher
than the applied test load. For clarity the anonmaktrain gauge data is not shown in Figure 3.
A best-fit line representing the load distributidown each of the test piles is also shown in
Figure 3. The predicted load shown in Figure 3 asdd on finite difference modelling
discussed later in this paper.



Review of Resultsof Pile Load Tests
It is common practice in Hong Kong to relate thafsfriction capacity of a pile ¢rto

the SPT ‘N’ value by a SPT load factor (C) (i.e=FC x N). For example, the purpose of the
pile tests was to demonstrate that the ultimate IBRd factor was greater than 0.9 for the full
depth of the pile. However, with the exceptiorpdé P125 at 2.5 times the working load, it
is clear from the test results that at the desitgrgapacity the ultimate skin friction had not
been mobilised over the full depth of the piles.(the ultimate shaft capacity is greater than
0.9N). The pile test data has therefore been aedlyo determine the mobilised SPT load
factor at various depths down the pile. This heenbachieved by dividing the total load shed
above a particular level in the pile by the aver&pd N value for the pile above this level.
For example, for P117 the load shed between the dfahe temporary casing (-10 mPD) and
a level of =30 mPD is 6400 kN (15,000 - 8,600 kNFagure 3) and the average cumulative
SPT value to this level is 29, see Figure 2. Théihsed SPT load factor to this level is
therefore 2.3 (i.e. 6400/(kx2029)).
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Figure 3: Measured and predicted load in pile ierthree pile tests at 2xWL.
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The variation of the mobilised SPT load factorhndiepth for each of the three pile tests
at the design pile capacity (2xWL) is shown FigdreAs a result of pile shaft compression
the relative movement between the pile and theoaading ground is greater at the top of the
pile than at the toe. It can be seen from the tesnlFigure 4 that the mobilised SPT load
factor varies down the length of the pile. Itilely that the ultimate skin friction has been
mobilised over the upper portion of the test ples that the ultimate shaft friction has not
been mobilised towards the base of piles P117 d®1.PAs a result of the unexplained
discrepancy in the SPT data at P125 it is considigkely that the mobilised SPT load factor
at this pile has been underestimated, particutrtwe —15 mPD.
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Figure 4: Average mobilised SPT load factor witlpttiefor the three pile tests at 2xW.L.

Figure 4 suggests that the relationship betweéeh &8 shaft capacity is not a constant.
This is not surprising as the SPT profile is takerthe undisturbed ground before pile bore



excavation and the excavation process will bottsdéoothe soil around the pile and allow
some stress relief in the ground around the gilenay be more appropriate to determine the
shaft capacity using an effective stress approadbliw:

Fs=Ksx o) xtand

where Kk is the shatft friction at any depth down the pii¢,the vertical effective stresss ke
ratio between the horizontal and vertical effectiess around the pile after completion of
construction and the interface friction angle between the pile dimel soil. It is common
practice to replace (¢ tand) by a single factop, such that

Fs=pB xo,/

At Test pile P125 a further load cycle was applth the test load being taken up to
1.25 times the design pile capacity. The pile heeitlement was 32 mm and the pile toe
settlement was 26 mm. The pile settlement wasetber equivalent to approximately 2.5%
of the pile diameter. Ultimate skin friction isrggrally considered to be mobilised at a
displacement of between 1 and 1.5% of the pile dtamThe pile settlement at 1.25 times the
design capacity was sufficient to mobilise thenodtie shaft friction over the full length of the
pile. The test result was re-analysed using fertethod and thg value for the ultimate
shaft friction was found to be in the range 0.2t8 with an average value of 0.28. Geo
Publication 1/96 presents a relationship betwgand the assumed soil friction strength3 A
value of in the range 0.2 to 0.3 is equivalent teo#d friction angle of 3%5to 36, which is
approximately the critical state friction angle @impletely decomposed granite. The test
result therefore shows good agreement Wittalues presented in Geo Publication 1/96.

BACK ANALYSISOF PILE TESTSUSING A FINITE DIFFERENCE MODEL

The three pile load tests have been back analysid a finite difference model. The
aim of this work was to investigate whether a re&dy simple finite difference model could
give a good approximation to both the load settl@nodaracteristics and load distribution
down the three test piles, using a consistent ambrdo the selection of ground stiffness and
strength. The numerical modelling used the FLAGtdinlifference software. Axisymmetric
analyses were carried out with an interface layetwben the pile concrete and the
surrounding soil. Figure 5 shows a part of a tgpitite difference grid for the analyses.
The test piles were modelled as an elastic matesialg the composite modulus values set out
in Table 3 and a Poisson’s ratio of 0.2. The s@bwnodelled as a Mohr Coulomb material
with a cohesion of zero and a friction angldor the various layers as set out in Table 4.

Table 4.¢-values adopted in the FLAC analyses.

[y

interfalce

Soil Type | Typical Range off | Adoptedy
Fill 28 — 37 30 | hr| Coulomb) soife
Marine Clay 26 — 28 27 i ‘
Alluvial Sand 33-36 35
CDG 32-40 36

)

se-up of FLAC mesh.




The interface friction strength was set to be shene as the adjacent soil. The in situ
horizontal stress prior to pile loading was assutodae (1—sing) times the vertical effective
stress. The combination of interface friction amcaitu horizontal stress results iravalue
of 0.29 in the CDG, which is close to the averagkie determined from the final load stage
of test P125.

It was considered appropriate to relate the sifihess to the SPT N profile. The results
of pile load tests and also plate bearing testeigdly show that the drained Young’s modulus
of soil (E in MPa) falls in the range 1 to 3 times N valueoGublication 1/96. Analyses
were carried out assuming both=N and E=3N with a Poisson’s ratio of 0.25. It was found
that the use of 'EN over-estimated the pile head settlement by apmprately 50%, whereas
E'=3N gave a good correlation with the pile load tesults. The finite difference models of
the three load tests therefore adopted a stiffpesle using E=3N. The SPT N profiles
adopted for the ground stiffness are shown in Egur

The results obtained from the finite differencedelting are shown in Figures 3 and 6.
Figure 3 compares the calculated load distributdown the pile against the measured load
distribution in the pile. Figure 6 shows the pikad settlement against applied load. It can be
seen from both Figures 3 and 6 that the relatigatyple finite difference model is able to
give a good correlation with the observed behavadwall three test piles.
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Figure 6: Measured and predicted load settlemanesuor the three pile tests.

BEHAVIOUR OF LONG BORED PILES

It is common practice for piles in Hong Kong to designed as end bearing on rock at
depths in excess of 40 m and occasionally deep@r 100m. The design load on these piles
typically results in an applied pile shaft stressthe range 5 to 10 MPa. Bell outs are
constructed to limit the stress applied to the racke pile toe. Many designers assume that
the full pile load will be transferred to the pilee level and that pile head settlement will
comprise elastic shortening of the pile and a sdiafilacement of the pile toe.

It is a common misconception amongst many enginénatt the load settlement response
of end bearing piles on rock will be significandiffer than the response of friction piles
founded in soil. In order to illustrate the di#ece in the response, the finite difference
models of the three test piles were re-analyseld i inclusion of rock at the toe of the piles.
Based on the results of end bearing pile load t@sisented in Littlechild et al. (2000), the
Young’s modulus of the rock was assumed to be 2 GPa

The results of the analyses are presented in &iguor all three test piles. The figures
compare the load settlement response of the fictést piles founded in soil (shown as
“Friction” line) against the same piles acting asl dearing on rock (shown as “FrictEB”
line). Also shown on Figure 7 is the typical loaettlement response often assumed by
designers based on the assumption of all the péld being transferred to the toe of the pile



(shown as “Pile Comp.+EB” line). The typical rangfedesign loads applied to end bearing
piles (i.e. shaft stress between 5 and 10 MPd¥asiadicated in the figures.

The ground conditions at the locations of theedhest piles are typical of many areas of
Hong Kong with deep weathering profiles. It isazclérom both the test pile results and the
results of the finite difference modelling thatr fales longer than 40 m (P117 and P131),
little load is actually transferred to the toe betpile. Comparison of the “Fric+EB” and
“Friction” lines in Figure 7 for applied load up B&WL indicates that the presence of rock at
the toe of the pile does not have a significariugrice on the load settlement characteristics
of the pile. The comparison for pile P125 demonegdahat for a 40 m long 1.2 m diameter
pile with a working load of 11300 kN (i.e. a shsifitess of 10 MPa) approximately 8000 kN is
supported by shatft friction and only 3300 kN isgferred to the toe of the pile. It can also be
seen that the settlement response often assumeedsiyners significantly over-estimates the
settlement of end bearing piles founded on rodkf e the “Pile Comp.+EB?” lines.
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Figure 7: Load settlement curves of friction, fioct plus end bearing and elastic shortening
plus end bearing piles.

DISCUSSION AND CONCLUSIONS

The test pile results demonstrate that the adomti@ constant SPT load factor to design
large diameter friction piles may not be approgridtor piles constructed under bentonite
slurry in soils with relatively low SPT ‘N’ valugbe ultimate SPT load factor is significantly
greater than 0.9. However the SPT load factor isabke and reduces as SPT ‘N’ value
increases. It is recommended that the pile dedignld always be checked using an effective
stress approach. Large diameter end bearing piids lengths in excess of 40 m and
occasionally deeper than 100 m are common in HonggKwhereas friction piles are
infrequently used. This may be because a small surobload tests carried out on large
diameter bored friction piles founded in saprohteve indicated very low friction capacity,
see GEO Publication 1/96. However, it is known thpeed of construction can have a
significant influence on the capacity of frictiorigs founded in saprolite and this may be the
cause of the previous poor test results. Traditionathods of pile construction can be
relatively slow where obstructions are encounteaed maintaining the casing ahead of the
excavation can be extremely difficult. Howeveteriative methods of boring the pile based
on the use of a drilling fluid (bentonite slurryglpmer etc.) instead of temporary casing can
be significantly faster. This should result in bathigher pile capacity and a greater certainty
of achieving the required load capacity.

Based on the test results presented in this papepears likely that the construction of
bored piles to depths greater than 60 m is not-effsttive. At the typical working loads
adopted in Hong Kong, negligible load will be triarsed to the pile toe. This is because the



pile compression required to transfer significarad to the toe of a deep pile is sufficient to
mobilise significant shaft friction in the pile $ha

In conclusion, ignoring the contribution of pilaadt friction capacity in long piles is
unnecessarily conservative. Further researchtimsosubject is likely to result in major cost
and program savings to the construction industriAamg Kong. Perhaps more importantly
the construction of unnecessarily deep end begiieg is not in line with the commitment of
the engineering profession to minimise the usesburces.
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THE IMPACTS OF PIPE-JACKING ACROSS GLOUCESTER ROAD

Leslie Swann', Jianbing Wang?, C.C.Lok* and P.K. Fung®

Abstract: In late 2000 the construction of a jacking pit coemced on Gloucester
Road near the Arsenal Street Flyover. The pit wasdway from one of the piers that
was supported on a spread footing. In spite optieeautionary measures, movements
of the bridge structure foundation and settlemémthe surrounding areas occurred.
Investigation showed the movement could be due xXtereal factors such as
dewatering of sites more than 50 m away, combiniéd wery poor ground conditions.
For the pipe-jacking extensive ground treatment performed and the pipe-jacking
was successful in spite of having to overcome abstns such as old sea walls.

INTRODUCTION

In very congested urban areas, it is often imprakto install underground utilities by
open trenching methods due to busy traffic, ordkistence of numerous types of utilities /
substructures. For such cases pipe-jacking techsique frequently adopted. This paper
presents a case study of the pipe-jacking projacied out under Gloucester Road, a busy
road located on Hong Kong Island.

The pipe-jacking works were carried out for Wa&upplies Department (WSD)
Contract 17/WSD/97, Mainlaying at Wan Chai and @aay Bay Area . The pipe-jacking
work comprised installation of a DN1400 mild steldeve pipe (19 m in length) by an open
shield pipe-jacking method with subsequent DN1008.Npipes placed inside the sleeve pipe.

At an early stage of the construction works, ptmany excavation and pipe-jacking
works, settlements of the ground and adjacent structum® wecorded. Subsequently, an
extensive programme of precautionary ground treatmerks was implemented. In spite of
having to overcome obstructions such as existirdy s#a walls, the pipe-jacking was
completed successfully with little further grourettiements recorded. This paper presents the
major difficulties and problems encountered dutimg works and the solutions adopted with
a full discussion provided on the causes of grosettiements observed. Recommendations
are made for pipe-jacking works in similar groumehditions in Hong Kong.

SITE AND GROUND CONDITIONS

The pipe-jacking work was carried out under GlsteeRoad, with the Arsenal Street
Flyover directly above. In particular, the Arser@iteet Flyover was supported on shallow
spread footings (2 m below the existing ground}l ane of the pier footings was 1 m away
from the jacking shaft. Unsurprisingly utilitiesyduding gas mains, water mains, telephone
and power cables, were also present immediatebcad;} to the excavation. Approximately
50 m away, there were two other construction sitesre deep basement excavation and pipe-
jacking works were being carried out.

182 Director & Senior Engineer, Babtie AsiaEngineer & Senior Engineer, Water Services
Department, Government of the Hong Kong Special idstrative Region.



The ground investigation indicated that Marine &lldivium deposits were present
underlying the reclamation Fill. Layers of cobblsd boulders were identified in the Fill
stratum. The observed ground water level was apmately 2.6 m below existing ground
level, typically standing at around +1.3 mPD, thoeghibiting tidal fluctuations.

BRIEF DESCRIPTION OF THE CONSTRUCTION WORK

Construction of Jacking and Receiving Shafts

The jacking pit site was handed over to the Catrain late 2000 . The jacking pit
was located within the central divider of Glouces®®ad and was 1 m away from Pier No.4
of the Arsenal Street Flyover. The jacking pit lwthensions of 8m x 5.5m x 6.3m deep. The
receiving pit was 6 m deep and 4m x 4m on plan (FigTo overcome obstructions during
installation of the supporting wall, steel pipeegilwere installed and propped by three and
two layers of walings and struts at the jacking sewkiving shafts respectively.
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Fig.1  General Layout Plan

Installation of the pipe pile walls commenced i®20Steel pipe piles of 219 mm OD
and 6.3 mm thick were installed to 12m depth at @60 centre to centre spacings using the
ODEX drilling method. A layer of hard material (oé&a wall, boulders) up to 3 m thick was
encountered during pile installation at the jackpiigwhile at the receiving pit a boulder layer
up to 4m thick had to be overcome.

To provide water cut-off for shaft excavation, ertical grout curtain was installed
into CDG or to the bedrock which required a twasthgrouting operation - cement bentonite
grouting followed by chemical grouting by Tube-A-Mdnette method. The grout take was
large (up to 600 litres of grout per metre was negliin some locations) as the soil being
grouted was generally loose with voids. Re-groutirasg carried out after examination of the
grouting pressures and grout takes. A large voisl Mantified near Pier No.4 at a depth of 2
m below existing ground level, during trial trenotpifor a 132 kV power cable. The void was
subsequently filled with cement bentonite grout.

Pumping tests carried out after the grouting waxdksfirmed that the grout curtain had
provided an effective water cut-off. The steadycd&ge rate of ground water from the



pumping well was measured at 0.1&m and 0.40 rfihr at the jacking and receiving shafts
respectively. Both shafts were excavated succégsiith little groundwater inflow observed.

Precautionary Measures
Horizontal Grouting

To minimise groundwater ingress during jacking aod strengthen the subsoil,
horizontal grouting work was carried out along taeking alignment prior to pipe-jacking
work. A total of seven. grout holes were drilledvering the whole jacking length, and
subsequently grouted.

To minimise water seepage during the drillinghe horizontal holes, as identified in a
trial hole, four inclined grout holes were drillém above the groundwater table to 1 m
below the invert level of the jacking pipe and sdgently grouted. This technique proved to
be successful in reducing water seepage duringdmaal drilling and grouting.

Again large boulders were encountered during tiiend for most of the holes. Up to
500 litres of cement silicate chemical grout pertanevas recorded at several locations,
suggesting that the subsoil was in a very looselition.

Voids Detection
Ground Probing Radar techniques were used to tddteresence of voids along the
proposed pipe-jacking alignment across GloucesteadRprior to pipe-jacking work
commencing. These showed minor near surface vdids,did not indicate a need for
additional ground treatment.

Pipe-Jacking Across Gloucester Road
After a full technical review, it was decided tecavate the tunnel face manually with
an open shield, given the existence of old seasvaaltl boulders along the jacking alignment.

Pipe-jacking work was carried out betweeff' 2ugust 2002 and #8September 2002.
A DN1400 mild steel sleeve pipe was jacked fromjo&ing pit towards the receiving pit by
two 250 ton hydraulic main jacks having a strokd @0 mm.

To minimise the disturbance to the ground dueh® éxcavation, the maximum
clearance between the shield and the excavatedmngdikce was limited to 300 mm. Ground
and groundwater conditions ahead of excavation \@esessed based on the probing holes
drilled 3 m ahead of the working face and the idiglirecord of the horizontal grouting holes.
The working face was sealed with steel channelssand bags during non-working hours.

During pipe-jacking, inspection of the working éawas carried out frequently. The
working face was observed to be in a stable andaingition throughout the whole period of
pipe-jacking as a result of the good horizontalugirg, which was identified as layers and
blocks of grout combined with grout veins. In aduitto cobbles and boulders, concrete
blocks (seawall), 2.5 m thick, were encounteresvbenh Chainage 8.5m and 11m.

The jacking force was relatively low, typically Uifars to 20 bars, which was
equivalent to 20 tones to 40 tonnes of jackingdooc less than 5 kN/frof pipe frictional
resistance, which was much less than the empwatdales obtained in Fill (Thomson, 1993).
The lateral movements of the thrusting wall werenituwed with dial gauges during the



jacking operation. The observed maximum movemest2a mm with a typical value of 0.8
mm only. The alignment of the sleeve pipe was wetfitrolled with a maximum deviation of
only 16 mm recorded during the whole jacking preces

The pipe-jack broke through the receiving shaft26fi September 2002. The total
length of the jacked pipe was measured at 18.9 m.

MONITORING DATA
Given the existence of structures sensitive titleseents located immediately adjacent
to the pipe-jacking work, an extensive monitorirgpeane was developed, which included
monitoring of ground / structure settlements attth¢j, groundwater level and construction
induced vibration. Void detection was also carrmd prior to and after the pipe-jacking
works.

Figure 1 shows the location of some critical setttnt monitoring points within the
site, including those installed on Piers No.4 anol3N each having four points in four
directions. Two tilting meters were also installatl Piers No.3 and No.4. In addition,
standpipes / piezometers were installed around bb#its. All readings were taken daily
except when there was no activity on site. As ssmthe monitoring data indicated any undue
movements, construction activities were ceased artktailed review was undertaken to
identify the cause of the movement and solutioep@sed to further control the settlement.

Monitoring Data at Bridge Piers No.3 and No.4

Figures 2 and 3 summarise the results of the settie monitoring against time and
site activities for Piers No. 3 and No. 4 respeiiv After completion of the pipe-jacking
work, settlements of between 8 mm to 9 mm wererdembat four monitoring points M1 to
M4 on Pier No. 3 while the measured settlemenBetNo.4 were between 9 mm to 11 mm.
The observed tilting of the bridge piers was reklti small, being less than 1 in 1500.
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Fig. 2 Development of the observed settlemen®iat no.3
(up to 30/09/2002)
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Fig. 3 Development of the observed settlemen®iat no.4
(up to 30/09/2002)

Based on the computer analysed deformation reanlisempirical methods (GEO,
1990 & 1993), the ground settlement at Piers Nan@ No. 4 due to shaft excavation alone
was predicted at around 4 mm. The settlement dabgepipe-jacking work alone was
estimated at less than 2 mm based on normal pidipathistribution curve (Roe, 1995).
Figures 2 and 3 show little additional settlemestwring during the excavation of the shafts
and pipe-jacking work. As a result of precautiongrgund treatment works carried out and
good workmanship, the recorded additional settlénf@iowing the shaft excavation up to
the completion of the pipe-jacking works was in tider of 2 mm to 6 mm only, being well
within the estimated values.

Settlement Monitoring Around Site

Figure 4 summarises the results of the settlementitoring against time and site
activities at 10 critical monitoring points aroutite site. Of over 30 points, there were four
settlement monitoring points, all located on roaetbk close to the site, at which the
maximum settlement was observed to be ovemibd. The maximum settlement observed
occurred at point E, which was near to the ingdalgpe piles, reaching a cumulative
settlement of 36 mm after completion of the pipekjag work. However during pipe-jacking
work, only 4 mm further settlement was recordethahitoring points K1 and K2 which were
immediately above the pipe-jacking work, being ldes the predicted 7 mm.
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Fig. 4 Development of the oberved settlem:
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Groundwater Monitoring

The ground levels recorded varied from +0.84 nB3-1.96 mPD at the receiving
shaft, and from +0.90 mPD to +1.50 mPD at the jaglshaft. The recorded variations in
groundwater level were considered to be due tofathiand tidal effects (Figure 5). No
groundwater level drop was noticed during excawvatior the shafts and pipe-jacking.
However, a water level of as low as +0.16 mPD ve&®nded in September 2001 when only
grouting work was carried out on site.
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Fig.5 Groundwater Level Monitoring at Jacking St

Vibration Monitoring and Void Detection
Vibration monitoring was carried out on the adjgcderidge piers with a Vibrograph

during the installation of near side pipe pileseTdeak particle velocities were measured at
very small values, all being less than 8 mm/sec.

The report on the Ground Probing Radar suggests ttiere were a number of
anomalies at shallow depths only. It was considématiwhile the loose fill may settle during
the pipe-jacking it is generally above the leveltlué bridgefoundations and, therefore, will
not have any adverse effects on the bridge foumsti While it is possible that some
settlement of the fill may occur which may affdee troad surface slightly it should not have
any impact on the flyover structure itself. Therefd was decided to commence pipe-jacking.

PROBLEMS ENCOUNTERED AND SOLUTIONS ADOPTED DURING
CONSTRUCTION

The pipe-jacking work was carried out under veffyailt site condition, namely:

* Adjacent heavy structures - Arsenal Street Flydeended on shallow footings.

* Numerous adjacent utilities sensitive to ground emognts.

* Poor ground conditions, comprising loose groundhwany cavities, old seawall,
boulders/cobbles, for excavation and pipe-jacking,

» Difficulty in controlling groundwater as the saod highly permeable with a high
groundwater table.

*  Pipe-jacking under small overburden (3.5 m) withwhetraffic.



Up to end of October 2001, some ground settlemieatisbeen recorded although no
dewatering or shaft excavation had commenced yete® on groundwater monitoring (Fig.
5), it was observed that the water level droppethdiyveen 0.9 m to 1.2 m in September and
early October 2001 while the drilling of grout helend subsequent grouting were in progress.
It was unlikely that that the above undue drop atewx level was due to the work at this site.
However, it was noted that deep dewatering work Wisig carried out in the basement
construction site and remedial grouting work wadamway for controlling ingress of ground
water at another pipe-jacking site where a collapesg occurred in Gloucester Road. Both
sites were approximately 50 m away.

Cracks were observed at several locations ardum@dnstruction site adjacent to the
Police Headquarters, which was immediately adjaterst deep basement construction site.
Pre-condition survey also identified old crackshoitige Pier No.5, suggesting that the pier
experienced settlement prior to the works. Howewer,signs of distress or new cracks
developing on the piers were observed. Therefope-jacking work was allowed to continue
with close monitoring.

In view of the undue ground settlements that aecland the possible impacts from
adjacent sites, various precautionary measures takes to minimise the settlements of the
bridge. In addition, an alternative arrangementht original design was proposed to further
reduce settlements, ie. relocate the jacking pib&r away from Pier No.4 by 2.5 m and adopt
double walls system at the side near the pier (Eig)

Careful precautionary engineering measures wewptad to minimise the disturbance
to the ground and adjacent structures. During cocsbn of the grout curtain, grout holes
were drilled using bentonite slurry and casing, atekve grouting by tremie method was
carried out immediately after drilling. Additioneément bentonite grouting was also carried
out between the pier and the jacking shaft to imprthe ground. Horizontal grouting was
also carried out along the pipe-jacking alignmertdrgdo the jacking.

The excavation of the shafts caused little grosetitlements. The recorded settlement
at Piers No. 3 and No. 4 were 1mm to 2 mm only.im@upipe-jacking work, i.e., between
20" August 2002 to 2B September 2002, bridge Piers No.3 and No.4 settledn while a
further 4 mm of settlement was recorded at momppoints K1 and K2, which were located
immediately above the pipe-jacking work (Fig. 2)his magnitude of further ground
settlement is considered to be minimal given that pipe was being jacked under a small
ground cover with heavy traffic above. The contacivas instructed to minimise the
excavation by carefully trimming the ground anditing the distance between the shield and
the excavation face to a maximum of 300 mm duragking. The working face remained
stable and dry throughout the pipe-jacking workaa®sult of good horizontal grouting and
pipe-jacking workmanship.

In short, the advancing precautionary ground mneat work together with a well
planned staged excavation, pipe-jacking and goodkmanship, minimised the ground /
structure movements. The pipe-jacking was complstedessful.



CONCLUSION AND RECOMMENDATION

The pipe-jacking case presented above was cayueth a very difficult environment.
Although great effort was made to minimise the @#eto the ground and the adjacent
structures, the measured ground and bridge pigisraents were more than expect@édhile
little settlements occurred during shafts excavatiad pipe-jacking work, settlements were
recorded associated with minor site work, such @msitgng and construction activities at
nearby sites. Much of the settlements recorded Wwelieved to be caused by activities from
adjacent construction sites.

In general, the pipe-jacking work was consideredbé successful with valuable
experience gained and lessons learned throughlifficult job. Particularly for pipe-jacking
work, it cannot be over emphasised that a thorougterstanding of the ground and
groundwater conditions and adjacent developmembtyiss required. Except for long drives
or small jacking pipes, manual tunnelling methods @eferred for pipe-jacking in old Fills,
which often consists of many large obstructiongnewvld sea walls. Lessons learned from
adopting TBM in such environments in Hong Kong hareven to be very expensive.
Horizontal grouting along the jacking alignmentparticularly useful for ground treatment
and water cut-off. Sensible engineering judgempragctical and quick decisions must be
made based on monitoring data, site conditions eagdvation and jacking technique adopted.
Finally do not isolate your site from others — amybest to protect your site and others’ sites
too.
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DESIGN AND CONSTRUCTION OF A DEEP BASEMENT
THROUGH AN EXISTING BASEMENT AT CENTRAL

James W C Sze' and Stephen T M Young?

Abstract: In June 2002, a 32-storey high quality commerbialding with a 3-level
deep basement, namely Chater House, was compl&®dmake way for this
development, the demolition of the 1960’s Swire s®aommenced in October 1998.

The existing basement structure and foundationsruatied the construction of the
new basement. Temporary pipe pile walls with growttain were used to facilitate
local trimming/demolition of the existing basemestdb and pile caps. Diaphragm
walls were constructed through the locally dem@dbasement to retain the soils for
the 15m deep excavation and the new basement wastrected by top-down

construction method. In addition to the diaphragails, large diameter bored piles
were constructed to support the vertical loadsvaeind shear from the superstructure.

This paper describes the geotechnical design aspédhe new development. The
difficulties and special issues during the substmec construction works are also
discussed. Instrumentation monitoring resultsase reviewed and compared with
the predicted movements.

INTRODUCTION

Chater House is a new 32-storey 134m high commidyailding located in the centre
of the Central District of Hong Kong. The new deyenent also includes a 3-level 15m deep
basement for underground parking. The site is@pprately 50m x 70m and is surrounded
by sensitive structures and utilities, including

* a Mass Transit Railway station and tunnel with ragniracks at a distance of 4m
from the construction works.

» atall building supported by shallow friction pilasa distance of 4.5m.

» a pedestrian footbridge and a pedestrian passageveagistance of 7m.

In addition, the site was formerly occupied by ®wiiouse, which had a one level
basement and was supported on Franki piles. Tisdrexbasement and foundations imposed
major obstructions to construction of the earthpsupwall, foundations and basement of the
new development.

These site constraints were major challenges tb that design and the construction.
This paper describes the geotechnical design aspétie new development. The difficulties
and special issues during the substructure conigtnucworks are also discussed.
Instrumentation monitoring results are also reviwand compared with the predicted
movements.

! Senior Geotechnical Engineer, Ove Arup & Partndm)g Kong
2 Associate Principal, Ove Arup & Partners, USA (Feriy Associate Director, Ove Arup &
Partners, Hong Kong)



GROUND CONDITIONS

Twenty-eight vertical boreholes were sunk usingmpdrilling method to identify the
ground condition at the site. Trial pits were adsgavated to locate the existing utilities and
underground structures. The typical geologicalifgafider the site consists of 8-10m of Fill,
overlying 6-8m of Alluvium/Marine Deposits. BelolWwdse strata is varying thicknesses of the
Completely and Highly Decomposed Granite layershe Ground level of the site is at
approximately +4mPD.

The rockhead, defined as Grade Il or better rogys rapidly across the site, varying
from a depth of 30m on the east to 70m on the Wekere the rockhead is deep, a thick layer
of core stones and grade IlI/IV materials are appiar The groundwater table is at
approximately +2mPD.

MAJOR CONSTRAINTS AND CONSIDERATIONS
Existing Foundations and Basement Structures

The site was occupied by the former Swire Housechvivas a 22-storey concrete
building with one level of basement supported byQhos. Franki Piles. These piles
extended into the decomposed granite and bearedapately at elevations —13mPD to —
15mPD. As indicated in Figure 1, the building qued the entire limit of the site and was
originally constructed in two concurrent phasesirduthe sixties. The structure had a one
level basement which occupied 60% of the plan arka.Phase | structure was supported on
isolated pile caps and the Phase Il structure wapated by a piled raft foundation. The
Phase | pile caps ranged from 1.5m to 3.6m in tiesk and the elevation of the base of the
caps ranged from +1.2mPD to —2.0mPD. The Phasdtlivas 2.6m thick with a soffit level
at approximately —2.3mPD. These existing pile caps raft of Swire House obstructed the
construction of the new earth support wall and @ations.
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Adjacent Structures

The adjacent structures requiring particular aib@nnclude :

1. St. George’s Building along St. George’s Lane2@storey high building supported
by Franki piles, which extended into CDG. The thmig is located 2.2m from the site
boundary and 4.5m from the new basement.

2. MTR Central Station along Chater Road. The ataktiox is supported by 1.2m thick
diaphragm walls bearing on rock. The depth of ttegi@ is approximately 26m. The
clearance between the station and the site bouisiamn.

3. MTR Central Subway along Pedder Street. The ayhsa floating structure located
7m from site boundary with a bottom level at -10mHADe slabs are connected to
Worldwide House by 125mm key-in with dowel barshet intermediate slab level.

4. Footbridge on friction piles and Pedder Stremtdéipass at Connaught Road.

The new basement of Chater House is 15m deep arndgdconstruction of the
basement, movement of adjacent ground is inevitabl@éerefore it is important that the
design of the retaining structures, the supportiggiem and the method of construction to
consider the effects to these adjacent structurésat to cause distress to these structures.

Figure 2 shows a section of the Central StationthedChater House basement, with
the existing Swire House basement and Franki piles.
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Figure 2 : North-south Cross-Section

Construction Program

The demolition of the existing Swire House commehniceOctober 1998 and the new
Chater House structure, both basement and the supeure, was completed in the end of
2001. The design and construction of the basetrento consider this fast track program.

DESIGN

Foundations of Chater House

Large diameter bored piles together with the diaghr wall were adopted as the foundation
system to support the gravity loads of the suparsire. The bored piles ranged from 2.5m to
3.0m shaft diameter with bell-out to a maximum g¢fmM and were founded on Grade Il or
better rock. To facilitate top down constructiorthrod, steel stanchions were installed to
each of the bored piles. These stanchions wetalle with very strict tolerance and were



encased into the concrete core walls and columiisegbermanent basement structure. A 16m
long temporary steel casing was installed to the @b each bored pile to facilitate the
installation of the stanchions.

Peripheral Wall and Construction Sequence of Chater House Basement

In view of the movement constraints of the surrongdstructures, the depth of the
excavation and to allow for a fast track constarctiof the superstructure, top-down
construction method for the 15m deep basement wapted. The ground floor slab at
+4.0mPD and the B1 slab at -1.7 to —3.0mPD weretoaact as supports to the earth support
wall prior to excavation below the slabs. Aftee thase slab was cast, local pits 1.5m deep
were dug down below the base slab for lift pit sfuwes. The B2 slab at —6.3mRias
constructed bottom-up after completion of the l=ab.

Once the ground floor slab was cast, the desigowalll the construction of the
superstructure concurrently with the basement ext@av up to 10-storey high which was
governed by the limitation on the induced horizbsteess onto the adjacent MTR structure
due to wind shear. After the B1 slab in the basemas cast, the core wall between the B1
slab and the ground floor slab was also construtteansfer the wind shear down to Bl
level that could resist the wind loading of the engiructure, and the superstructure could be
constructed to its final height while the basenvweai$ excavating below the B1 slab.

Cast in-situ diaphragm wall was used as earth stipyall to support the excavation
as well as permanent retaining wall of the basem&rit.Om thick wall was designed along
Pedder Street, Connaught Road and St. George’s lAoag Chater Road, a 1.2m thick wall
was adopted in view of complying with the strictwvement criterion of the Central Station.
The wall was also offset from the site boundargramate a 4m clearance zone from the Station
and to avoid clashing with most of the existingpil The diaphragm wall was designed using
the Oasys program “FREW” (Pappin et al 1986). s frogram the wall is represented as
elastic beam elements joined at the nodes anddiha@ssrepresented as an elastic-plastic
continuum with the soil stiffness matrices beingaleped from pre-stored stiffness matrices
calculated using the Oasys geotechnical FE prodi®AFE”. The program analyses the
behavior for each stage of the construction seqer®r general ground settlement around
the site, an empirical approach based on the oaseng made by Humpheson el al. (1986)
relating the lateral wall movement and the grousttieament was applied.

In order to support the top down construction sland the podium load, the
diaphragm wall was also designed as vertical laaatibg elements. The panels were founded
on various materials, from CDG to Grade Ill rockpdnding on the loading conditions and
utilized end bearing to support the vertical loads.

The behavior of the Completely Decomposed Gragiiteng diaphragm wall panel
installation has been described by Davies and H€hR80). The decomposed granite is both
relatively compressible and relatively permeabld #ms allows rapid swelling to occur in
response to the stress relief accompanying trexcévation. This leads to the formation of a
compressible zone adjacent to the diaphragm walklpahich recompresses as arching
develops during construction of adjacent panelse fesulting horizontal ground movements
lead to settlement at the ground. From previoudiss by Davies and Henkel (1980) and
Humpheson et al (1986), the induced ground movesranet strongly influenced by the excess
slurry head (i.e. difference between bentonitellewel groundwater level) during excavation
of the trench. To limit the effects of the adjacgmbund and structures due the diaphragm
wall installation, the diaphragm wall panel leng#thsng Pedder Street, St. George’s Lane and
Chater Road were limited to approximately 3m toumsdthe arching loads onto adjacent
panels. A 1.7m slurry head above the existing gilauater table was to be maintained.



The effects of diaphragm wall trenching and basgncenstruction on the adjacent
sensitive structures like the St. George’s Buildihg MTR Central Station and the pedestrian
subway connecting Hong Kong Station were analyzadgu“SAFE”. The soils have been
modeled as elastic-plastic materials with Mohr-Goub strength limits. Two dimensional
plane strain analyses were carried out to assesadinced movements and angular distortion
onto these structures.

Seepage analysis was carried out using the OAY® flement program “SEEP” to
investigate the piezometric and groundwater drawdawutside the excavation. From the
analyses, the amount of drawdown, required pumpaagp and the associated ground
settlement could be determined. In order to ensureeffective seepage cut-off and limit
groundwater drawdown, toe grouting below the diaghr wall, in the form of chemical grout
in soils and fissure grout in rock, was required ttepth of 5m into Grade Il or better rock.

CONSTRUCTION
Demoalition of the Existing Basement Structures

Local trimming/demolition of the existing basemstructures and foundations formed
part of the advance work in the Swire House deloalitontract to facilitate the construction
of the new peripheral diaphragm wall and bored spid®nstruction.Where the existing
basement wall could not be used to support thd taoaming/demolition, pipe pile wall was
installed along the perimeter of the site to enaletrimming works, as shown in Figure 3.
The pipe pile wall also acted as the outer guidd fea the subsequent diaphragm wall
construction. In some areas, the existing pile Gaps raft were located along the pipe pile
wall alignment and diamond coring through the mioéd concrete caps was required to
permit penetration of the pipe piles. A grout curtevas installed by performing chemical
grouting through the slotted pipe piles. The ppe wall was supported by raking steel struts
prior to trimming of the existing basement walllepi raft and pile caps (Plate 1). Where
pumping of water was required, local sump pumpswsed.

Following the removal of the existing pile caps amdt within the limits of the
proposed diaphragm wall and bored pile locatiohs, lbcal openings were then backfilled
with a cohesive concrete/bentonite mix. The exgsbasement was then backfilled to ground
surface level to allow construction of the foundatiorks. The remaining existing pile caps
and raft were removed during the top-down excawaticthe new basement.

The installation of pipe pile wall commenced in @r 1998 and was completed by
March 1999. The local trimming and demolition wordsthe existing basement structures
was carried out from June 1999 to August 1999.
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Figure 3 : Pipe Pile Wall for Trimming Works Plate 1 : Existing Basement Trimming Works



Bored Pilesand Diaphragm Walls

Due to the limited site area, the bored pile cammston and the diaphragm wall
construction were carried out sequentially. Thestiqile works commenced in September
1999 and were completed by April 2000. The bordéspivere constructed using traditional
rotator and oscillator to advance the temporargl stasing in soils. Soils were removed using
hammer grab. The shallow obstructions were overcdoyechiselling while the deep
obstructions and the rock socket for bell-out weeaetrated using the Reverse Circulation
Drilling (RCD) method.

Diaphragm wall and toe grouting works commencedMarch 2000 and were
completed in September 2000 (Plate 2). In gendraphragm wall was constructed by the
hammer grabbing method. Along Chater Road, a yilé treverse circulation trench cutter
“hydromill” was used to excavate the diaphragm vpalhels in order to reduce the induced
vibration to the existing MTR Central Station.

The existing Franki piles caused various degreeahftdéulty for the foundation works
especially in controlling the overbreaking and ality of the diaphragm wall panels.
Removal of the Franki piles was carried out by tlighiselling, breaking up the piles into
smaller pieces and removed using the gralimber piles, which were used to support an old
building, known as Union House, before Swire Howse built, were also encountered and
which obstructed the foundation works as well aslthsement excavation.

[

of Foundation Constrant Plate 3 : Basement Excavation

Pumping Test and Groundwater Drawdown

After the completion of the diaphragm wall, fulksipumping tests were carried out to
determine the performance of the cut-off systerhe pumping tests were carried out in two
stages in order to minimize the deflection of tleptragm wall and the effects to the adjacent
structures. The first stage was to dewater to —4aR& the completion of the diaphragm
wall. The second stage was to dewater to belovbdise slab at —12mPD after the completion
of the ground floor slab.

The results of the Stage 2 pumping test revealegssive drawdown along Chater
Road while the targeted dewatering level within Ildasement construction had been reached.
However, only slight ground and building movementse detected during the pumping test
due to the excessive drawdown. It was consideradttie excessive draw-down was due to
confinement of the diaphragm walls surrounding s¢ite and of the existing MTR Central
station, which obstructed the natural recharginthefgroundwater table.

As reported by Davies & Henkel (1980), the area badn subjected to substantial
groundwater drawdown during the construction of MiER Central Station and caissons of



Worldwide House. Since the soils had been preloatleel measured magnitude of the
settlement due to the ground water drawdown wad$l.sma

From both the pumping test results and back-arglysirecharge well system was
proven to be an effective way to minimize the gibwuater drawdown. New recharge wells
were installed along Chater Road and together Wiehrecharge wells installed along St.
George’s Lane, an active recharge well system wapoggsed to maintain the water level
outside the site. The wells were switched on autwaldy when the groundwater level
measured in the monitoring standpipes dropped be@dmPD.

Basement Excavation

During the Chater House basement excavation, deomlof the existing basement
structures was carried out using backhoe and higdianeaker (Plate 3). Since the majority of
the existing Swire House basement structures dad were to be removed, the Chater House
basement excavation program was relatively longpaoed to normal excavation works. The
new basement structure, together with the supetste; was completed in December 2001.
This was followed by the building services work ahd occupation permit was obtained in
June 2002.

INSTRUMENTATION AND MONITORING

A comprehensive instrumentation monitoring progi@utside the site was carried out
to monitor the behaviour of the adjacent structanes to ascertain the predicted movements
would not be exceeded. Ground, utility and buildisgttiement points, inclinometers,
piezometers, and tiltmeters were installed to noortihe ground/utility settlements, building
movements, groundwater levels and tilting of adjacdructures. Inclinometers were also
installed into the diaphragm wall panels to monitoe deflection of the wall. Observation
wells were installed within the site to monitor tvater level during the pumping tests and
subsequent dewatering. In addition, vibration naimg around the site was carried out to
monitor the degree of vibration due to various tautsion activities.

The predicted and measured diaphragm wall movemieRedder Street is shown in
Figure 4. The predicted and measured movementseaidjacent ground and structures are
compared and summarized in Table 1.

Lateral Wall Movement (mm) Table 1 : Summary of Movements
] 0 20 4 60 80 Area/Structure Settlement (mm)
N Predicted | Measured
5 N T~ Adjacent Ground 60 30
401 \ > Connaught Road 18 10
- 15 Footbridge
£ 0] 7 St. George's Building| 21 8
g 25 | é MTR Central Subway 6 5
-30 MTR Central Station | 7 (lateral) 4 (lateral)
35 I / Transfer Level
off
l/ ‘ Predicted S |cosured ‘
45 [ [ [

Figure 4 : Diaphragm Wall Movement



It can be seen that the measured movements aremtielh the predicted values. There are
several reasons attribute to the differences :-
* Heaving of ground occurred during demolition of 8MHouse and offset part of the
settlement;
* Only 2-D analyses were carried out and the 3-dimoeas effect was ignored;
» Soil small strain stiffness has not been considered
* Soils at the site and the surrounding areas aré pvelloaded due to substantial
groundwater drawdown in the past, and due to lgadfrSwire House;
* No account has made for the influence of existiranki piles within the site.

CONCLUSION

The foundations and the new basement structurehate€ House had been designed
using various soil/structure interaction and finllement analyses. Although encountering
some difficulties during construction, the worksrevecarried out and completed without
exceeding the acceptable movement of the adjacenind and structures. The top down
construction technique allowed a fast track comsiton program of the basement construction
concurrently with the superstructure constructiofhe local trimming/demolition of the
existing basement slab and pile caps at the digphmaall and bore pile locations allowed
construction of the foundation works prior to rerabgf the entire existing basement and was
a cost effective way to construct the new basement.
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SOME ASPECTS OF MITIGATION MEASURES
AGAINST NATURAL TERRAIN
LANDSLIDE HAZARDS IN HONG KONG

SH Tse', D O K Lo', HM Tsui' & S L Ng'

Abstract: In Hong Kong, more than 60% of the total land is natural terrain and on
average about 300 natural terrain landslides occur each year. Given the close
proximity of some of the developments to natural hillsides, a failure may travel a long
distance resulting in serious consequences. This paper describes some of the
mitigation measures, which have been used in Hong Kong to protect developments
against natural terrain landslide hazards. These measures include insitu stabilisation,
boulder fences, check dams, landslide debris barriers, and drainage provisions. The
effectiveness and practicality of these measures in mitigating natural terrain landslide
hazards in Hong Kong are also discussed.

INTRODUCTION

The scarcity of flat land and the constant demand for land in Hong Kong means that
there is an increasing pressure for developments to encroach onto the steep parts of its natural
terrain. In Hong Kong, more than 60% of the total land is natural terrain. On average
about 300 natural terrain landslides occur each year reflecting the inherent landslide hazards
associated with the natural terrain. The vast majority of these landslides are shallow failures
within the top few metres of the ground surface. Some failures have been observed to
develop into channelised debris flows with a long runout. Given the close proximity of
some of the developments to natural hillsides, a small channelised debris flow which can
travel a long distance may result in serious consequences. This paper describes some of the
mitigation measures, which have been used in Hong Kong to protect developments against
natural terrain landslide hazards. These measures include insitu stabilisation, boulder fences,
check dams, landslide debris barriers, and drainage provisions. The effectiveness and
practicality of these measures in mitigating natural terrain landslide hazards in Hong Kong are
also highlighted by some case histories.

MITIGATION MEASURES

Natural terrain landslide hazards have been broadly categorised into four groups, viz.
open hillside failures (debris slides and debris flows), channelised debris flows, deep-seated
failures and rock/boulder falls.

Landslide consequence can be reduced through landslide hazard mitigation measures,
which can be divided into two categories: active and passive measures. Passive measures
generally involve no direct engineering works and can include land-use regulations (e.g. no-
build zones and land-use planning), education and safety precautionary messages. Active
measures, on the other hand, involve engineering works and normally comprise preventive

' Geotechnical Engineering Office, Civil Engineering Department, Government of the Hong
Kong Special Administrative Region



works on the slope to reduce the likelihood of failure, or protective works to mitigate failure
consequences. Some of the active mitigation measures are summarised in Table 1.

Table 1 - Summary of Active Landslide Mitigation Measures

Source Area Hazard Trail
Action Mitigation Measures Action Mitigation Measures

Inhibition of | Scaling, splitting and removal | Flow Promotion of deposition: e.g. unconfined

Occurrence | of unstable rock Control deposition area, storage basin, debris flow
Excavation of unstable breaker screen, and rock trap (ditch)
material Flow impediment and debris straining structure:
Modification of slope gradient, e.g. sacrificial baffle, debris rack, steel cell
e.g. terracing’ and construction damS, check dam (Or cascaded dam), slit dam,
of check dam and grid type Sabo dam

Flow direction control: e.g. deflector wall,
chute, lateral wall (or guideway), and lined
channel

Stabilisation | Reinforcement: e.g. rock bolts, | Protectiv | Terminal wall
chains and cables, anchored | e Debris barrier
mesh nets, anchors/dowels, | Structure
soil nails, and piles

Boulder fence

Debris shed and viaduct
Buttress

Soil treatment: e.g. grouting,
electro-osmosis, and thermal

treatment
Structural retention system
Dentition
Afforestation
Drainage Surface drainage
and Subsurface drainage
Inﬁltrat@on Surface protection
Prevention

Preventive measures, which are generally applied at the source area where the failure
occurs, include strengthening of the slope by means of soil treatment, provision of
reinforcement and drainage, removal of failure initiating factors (e.g. trimming of overhangs,
removal of unstable material), regrading of slope, afforestation and construction of check
dams.

Protective measures are generally constructed on the hazard trail along which the
landslide debris is transported and deposited to protect the population and facilities at risk.
These include, inter alia, rock/boulder fences, deflection berms, debris barriers and check
dams. Debris racks, slit dams and steel cell dams have been used to help primarily to
dissipate part of the energy of the debris and to screen out big boulders from the landslide
debris. Unconfined deposition areas, debris containment basins and debris flow breaker
screens have been provided to promote deposition by reducing the slope gradient and the
confinement to the flow, or enhancing the separation of water from the debris. A number of
techniques have also been deployed to encourage debris to continue to flow in a controlled
manner through and beyond a developed area. These include lateral walls and debris
viaducts to confine and divert the flow. Lined channels and guideways are sometimes
constructed to minimise segregation of debris, increase flow velocity to prevent premature
deposition, and to minimise degradation of the channel bed.

The applicability of particular mitigation measures or a combination of measures




depends on the type and scale of landslide hazards, the perceived elements at risk, and the
consideration of costs, land-take and the associated reduction in risk that can be achieved.

The preferred approach for dealing with natural terrain landslide hazards is not to carry
out extensive preventive/stabilisation works to large areas of natural terrain, which would be
both very costly and environmentally damaging, but to mitigate the risk to a tolerable level
through adjustment to development layouts taking due account of the site topography,
provision of buffer zones and/or protective measures. In this connection, it is most effective
to tackle the natural terrain hazards at the planning stage of the project so that the most
feasible measures to mitigate the hazard can be incorporated in the design.

LOCAL PRACTICE AND CASE HISTORIES
The following sections give an overview of the types of mitigation measures commonly

used in Hong Kong. The effectiveness of these measures is illustrated by some case
histories.

Drainage Measures

Stability of natural hillside can be enhanced by reducing the groundwater pressure in the
ground by means of subsurface drainage measures. Common drainage measures that have
been employed in Hong Kong include vertical drainage wells (caisson drains), drainage
tunnels, horizontal/raking drains or a combination of them.

Vertical drainage wells were installed by construction of a series of hand-dug caissons,
which was a common form of construction in the 1980s. Horizontal drains were then
installed through the caisson rings to draw water into the caisson. In some cases, the
caisson rings were partly removed and the caisson was backfilled with suitable filter material
to form a vertical drainage well. The water collected in the caisson was conveyed to the
outlet via pipes or drainage tunnels connected to the bases of the caissons and the outlet
(McNicholl et al 1985). Figure 1 shows an example of such a scheme adopted in a site in the
Mid-levels area.

50 dia PVC pipe with 120
nylon mesh over end
@450 mm spacing Manhole cover
Filter pocket sl E /
~ ‘ ‘ 300 mm
2 -
[ - orous
Suop B Y e
E 7 line € Caisson ‘ ‘
. drain | /- Filter
Start of drainage .
105} holes H A material
S s k- R—
AT ﬂﬁé ~—— Drainage tunnel | )
450 wl F——_——————e—— =
—A

Section A - A

Figure 1 — Use of Caisson Drains and Drainage Tunnel in Lowering Groundwater Table

Drainage tunnels can be constructed to lower the groundwater behind a slope face.



When constructed in highly-weathered rock, the tunnels are lined using reinforced concrete
with a drainage filter behind it. Drainage holes are provided through the lining to draw
water into the tunnel. Owing to their high construction costs and possible disturbance to
surrounding slopes during tunnel excavations, their use has been limited to control water
levels in large slopes where no viable alternative scheme exists. The effectiveness of
drainage tunnels can also be increased by provision of horizontal drains drilled from inside,
similar to that of vertical drainage wells (see Figure 1).

Horizontal/raking drains typically comprise a 40 mm to 75 mm diameter perforated PVC
pipe with an impermeable invert wrapped with a geotextile or a 35 to 40 mm diameter
stainless steel pipe with slotted screen. The PVC pipe can be encased within another
perforated PVC pipe to facilitate maintenance and the cleaning of the inner pipe. A
comprehensive review of the design principles and consideration of horizontal drains is given
by Martin & Siu (1996). In cases where satisfactory performance of the horizontal drains is
vital to the stability of the hillside being drained, the drains are required to be regularly
maintained and their effectiveness should be monitored and evaluated. Among the various
subsurface drainage measures, horizontal drains are most commonly used in Hong Kong
because of their ease of installation and relatively low cost.

Horizontal drains, up to 90 m in length, were installed in the natural hillside behind Po
Shan Road. These drains constituted the longest horizontal drainage system so far
constructed in Hong Kong. A total of 58 drains of length ranging from 40 m to 90 m with
inclination between 5° and 10° with the horizon were installed at three different levels at the
hillside. More than 50 piezometers were installed at the site to monitor the effectiveness of
the drainage measures. As shown in Figure 2, the horizontal drains were able to bring about
a ground water drawdown of about 5 m across most of the site and more than 15 m locally
(Martin et al 1995).
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Figure 2 — Groundwater Drawdown Using Horizontal Drains at a Site in the Mid-levels
(after Martin et al 1995)

Preventive and Protective Measures Against Boulder Falls
The strategy to mitigate boulder fall hazards is to immobilize the boulders by preventive
measures, i.e. removal of the boulders or insitu stabilisation, or via provision of protective



measures, e.g. catch or arrest the moving boulder before it reaches the area of concern. Very
often, a combination of both measures has to be adopted in order to achieve a cost-effective
design to mitigate boulder fall hazards.

Boulder stabilization measures used in Hong Kong include splitting, surface protection,
buttressing, strut/tie beams, anchorages, wire lashing/nets and proprietary rock fall fence.
Au and Chan (1991) provide a detailed discussion on these measures and their applications.
The suitability of these measures depends on actual site conditions and very often the best
solution is a combination of the methods mentioned above. Engineering judgment based on
common sense, experience, and sound engineering principles are crucial in designing insitu
stabilization measures for boulders.

The most common protective method to mitigate boulder fall hazard in Hong Kong is by
using catch/blockade structures. A number of protective structures have been built in Hong
Kong. These include gabion boulder barriers below the eastern end of Lion Rock Ridge and
in Shaukeiwan (Figure 3(a)), a reinforced concrete rock trap ditch below Beacon Hill and a
collapsible fence on concrete foundation in the Mid-levels as reported respectively by
Threadgold & McNicholl (1984), Grigg & Wong (1987), and Chan et al (1986). The design
and construction of protective works are very often subject to physical constraints, such as
access and ease of transportation of construction materials.

(a) Gabion-type Boulder Barrier at |(b) Steel Boulder Fence below|(c) Proprietary Steel Boulde
Yiu Hing Estate, Shaukeiwan Seymour Cliff, Mid-levels at a Site in Fanling

r Fence

Figure 3 - Some Examples of Boulder Barriers in Hong Kong.

As mentioned earlier, it is sometimes economical to combine the protective method with
preventive methods. One good example where a combination of these methods had been
used to good effect is the Mid-levels boulder field preventive works reported by Chan and Au
(1988). The mitigation strategy comprises preventive works for big boulders and protective
works for smaller ones. The protection works consist of a catch fence of collapsible type
which can absorb energy upon plastic deformation as shown in Figure 3(b). The fence
consists of a 3 m high primary fence to catch boulders of design size plus a 1.5 m high
secondary fence, which can be repaired at a lower cost, to catch smaller boulders. This post-
wire rope fence could cater for falling boulders with an impact not exceeding 100 kJ.
Boulders of large size were stabilized insitu by preventive methods. Nowadays proprietary
boulder fences are also available to meet different energy-absorbing requirements of up to
2500 kJ, which have been constructed at a site in Fanling (Figure 3(c)).

Debris-resisting Barriers

Debris-resisting barriers have been employed in Hong Kong as protective measures
against natural terrain landslide hazards. These include rock fences, gabions, reinforced
concrete retaining walls, earthfill berms and check dams (Figure 4). They are generally less
than 10 m high. These barriers have been designed to contain debris of up to about 2000 m’



in volume. To enhance the impact capacity, some of these structures are founded on
minipiles and some are integral with the building structure. The design of barriers generally
involves the characterisation of landslide hazards, debris movement, the design event and the
dynamic interaction upon debris impact at barrier. A comprehensive review of various
approaches for debris runout assessment and suggestions for assessing debris mobility and
debris impact loads in the design of landslide debris-resisting barriers is given by Lo (2000).

7 ¥ -

(b) Reinforced Concrete Retaining Wall
in Fanling

Figure 4 - Some Examples of Debris-resisting Barriers in Hong Kong.

(c) Check Dam in Sham Tseng

Debris-resisting barriers could be in the form of counterfort walls, gabion walls,
reinforced fill structures, and other types of gravity structures. The choice of a suitable
barrier type should be made taking due cognizance of the construction and maintenance costs,
land take and buildability.

For a barrier that straddles a streamcourse, special provisions such as straining structures
that allow normal streamflow should be incorporated in the design as shown in Figure 4(c).

In the event where the debris impact loading is considerable, a second line of defence
involving some form of sacrificial elements, e.g. rows of wooden piles, rubber tires, or rubble
placed ahead of the barrier can ‘soften’ the impact on the primary barrier and minimise its
damage.

MITIGATION STRATEGY

In practice, the mitigation strategy may comprise a combination of preventive and
protective measures to effectively deal with different types of natural terrain hazards. This is
best illustrated in the following case history. This site is located in the Mid-levels area
below a natural hillside strewn with boulders (see Figure 5). The site is underlain with
bouldery colluvium and decomposed granite. Ground water monitoring indicated that there
was high and rapid rise (up to 7 m) in the groundwater table during heavy rainstorms.



To cater for the rapid rise in groundwater level and the possible damming effect of the
caisson foundation of the building, a subsurface drainage system, as shown schematically in
Figure 5 was built in the natural slope above the lot to lower the main and perched ground
water tables to acceptable levels. The system consisted of large diameter caisson drains sunk
into the top of the decomposed granite with horizontal drains installed to connect these
caisson drains to the drainage outlets. The ground water table was monitored after
completion of the drainage measures to verify the adequacy of the system and it was shown
that the proposed drainage system had improved the stability of the hillside above the site to

an acceptable level.

The site was located below a boulder field. In light of the existing boulder fence and
insitu boulder stabilisation works previously carried out to mitigate the boulder fall hazards in
the area, the designer decided, as a further precautionary measure, to locate the building
further away from the hillside and to build a recreational area between the proposed building
and the natural slope above the lot acting as a buffer zone and rock trap. This case highlights
that a practical and cost-effective mitigation strategy can be achieved through engineering
means and the importance of thoughtfully planning the development layout taking into

account of the geotechnical constraints.
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Figure 5 — Mitigation Measures Applied at a Site in the Mid-levels

Due consideration should be given to selecting an appropriate constituent material used
in mitigation measures. For example, combustible material should be avoided where the risk
of hill fire is high. There has been an incident in Hong Kong in 1989 in which the
geosynthetic gabion material of four gabion barrier walls was badly damaged (Au & Chan,

1991).
It is worth noting that the mitigation measures should be maintained to ensure the

physical integrity and continued satisfactory functioning of the measures during their service
life. Recommended good practice for maintenance of natural terrain hazard mitigation



measures is given by GEO (2002).

CONCLUSIONS

A number of case histories have been reviewed which indicate that it is practical to
mitigate natural terrain landslide and boulder fall hazards through engineering means or in
conjunction with judicious choice of development layout. The applicability of a particular
mitigation measure or a combination of measures need to be judged on a case-by-case basis
taking due cognizance of the types and scale of landslide hazards, perceived elements at risk,
effectiveness of individual mitigation measures, construction and maintenance costs, land-
take and associated reduction in risk that can be achieved. It is important to maintain
properly the mitigation measures during their service life to ensure the physical integrity and
continued satisfactory function of the measures.
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LESSONS LEARNT FROM LANDSLIDES

H N Wong' and Ken Ho'

Abstract: Studies of landslides have played an important ioleéimproving the
understanding of slope failures and enhancing stoyggneering practice in Hong Kong.
This paper describes the systematic landslide tiga®n programme operated by the
Geotechnical Engineering Office of the Civil Enggneg Department, and its functions
in advancing Hong Kong’'s slope engineering knowéedgractice and system.
Selected landslide cases are presented to illastay the lessons learnt have brought
about technical insight and advances.

INTRODUCTION

Landslides can provide an invaluable source of rmégion for advancing the
understanding of the causes and mechanisms of &dpees. Experience has shown that it
will pay dividends to study landslides in ordedd¢arn how best to prevent or mitigate similar
failures in future. By studying landslides, onendeaarn how slopes really behave and
perform in practice, what are the deficienciesumrent practice and which areas are in need
of improvement.

The findings of a detailed landslide study hawalted in technical advances and major
impact on the professional practice whilst the allatiagnosis of a certain category of slope
failures has given rise to important insights ispect of slope engineering practice. The
systematic study of landslides in recent yearstgilighted the need for improvement in
slope engineering practice. This paper presemestee landslide case histories to illustrate
how the lessons learnt have brought about techimsght and advances.

SYSTEMATIC LANDSLIDE INVESTIGATION PROGRAMME
A systematic landslide investigation (LI) initiaéiwvas introduced by the Geotechnical
Engineering Office (GEO) in 1997. The main objees of systematic landslide studies
include the following:
(1) identification of slopes in need of early atten before the situation deteriorates to
result in a serious problem,
(2) provision of evidence in forensic investigasonf serious landslides that may
involve coroner’s inquest, legal action or finahcispute,
(3) provision of data for reviewing the performanmiethe slope safety system and
identifying areas for improvement, and
(4) advancing the understanding of the causes auwhamisms of landslides to support
technical development work and enhance the reliphif landslide preventive
works.
Under the LI programme, all the landslides repottedhe Government (which range
from about 200 to 800 per year) are examined totifyecases that warrant follow-up studies.
Typically, about 30 detailed or forensic investigas are carried out in a year. Between

! Chief Geotechnical Engineer, Geotechnical Enginge Office, Civil Engineering
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1997 and 2002, more than 1,800 genuine landslides been examined under the systematic
LI programme and some 180 cases selected for fallpvstudies. A selection of case
histories is presented below to illustrate how sahéhe key lessons learnt have brought
about technical insight and advances.

The23 JULY 1994 KWUN LUNG LAU LANDSLIDE

The 1994 Kwun Lung Lau landslide (Wong and Ho J)9@volved the sudden collapse
of a 100-year old masonry wall that was in a go@intenance condition. The full height of
the masonry wall together with the slope aboveefaibnd some 1,000°hof debris was
released. The masonry wall was of 700 to 800 mrthickness, which was constructed
against a steep cutting into natural ground (prgbabginally intended as a facing to the cut
face). The 7%steep masonry wall had a maximum height of 10.6thabase width of 0.8
m, i.e. a slenderness ratio was more than 13. wWhss exceptionally slender as compared
with typical masonry walls of a similar construction Hong Kong, which generally have a
slenderness ratio of less than 4.

The forensic investigation established that thed$ide involved buckling and brittle
collapse of the thin masonry wall. The failure viiaggered by subsurface infiltration from
defective buried drainage systems, which saturateldveakened the soil mass. The state of
knowledge at the time was that old masonry wallsild/dail in a ductile manner following
deformation for some time. However, the Kwun Lumgu masonry wall was in a good
condition and yet it failed suddenly with littlegsis of deformation or distress. The failure
mechanism was apparently different to the previmnderstanding and was investigated in
detail.

Conventional stability analyses indicate that slgmd retaining wall failure due to soll
saturation is possible given the probable rangstafngth parameters of the soil and the
masonry wall. The stability is especially sengtte the assumed strength (viz. the cohesion
component, '3 of the mortar joint between the masonry blockldowever, it is important to
note that the actual failure mechanism of the semdasonry wall was very different to the
assumptions made in conventional stability analyses

Advanced numerical analyses using the distinghete computer program UDEC, were
carried out to assist in the diagnosis of the mecna and cause of the failure. The analyses
investigated the response of the masonry wall wpetting up of the retained ground due to
water ingress. The wall was modelled as a disoanth comprising an assembly of discrete
blocks with cement mortar in between. The assucoedtitutive model simulated the effect
of damage to the mortar joints due to tensile @asHtailure, with the ‘cvalue of the failed
portion of the joints being set to zero. It was necessary to make any prior assumptions
regarding the failure mode. Details of the anaya® given in GEO (1994).

The analyses predicted that the masonry strustondd fail in a complex mode (see
Figure 1). The masonry wall was found to bulg&afly at about mid-height, accompanied
by overturning of the portion of the masonry wa#lldw this level. These deformation
modes combined to lead to tensile failure and cqumsetial sudden reduction of the shear
strength of the affected mortar joints. The bujgamd overturning action resulted in brittle
fracture of the masonry wall at about mid-heigini éhe ground behind lost support and slid
forward. The upper part of the masonry wall radateackward as a result of the
displacement of the detached mass and was predwtedme to rest on the surface of the
debris with the front surface facing upward, whiesis consistent with the field observations.
An important finding was that once tensile or shiedure of mortar joints was initiated, the
wall would deform rapidly, with instability develom in an uncontrolled manner. The
complex failure mechanism involved bulging and twetng modes followed by sudden



total collapse. The failure mode of the thin magamall was brittle which, once initiated,
would develop rapidly. Such a complex failure maetgbm is not considered in conventional
retaining wall analyses, which could be unconsérgah the case of thin masonry walls.

Following the Kwun Lung Lau landslide, the locabfassional practice in respect of
assessment of stability of old masonry walls wasomalised. The assessment of the
stability of old masonry walls is not straightfomdabecause of their variable and
non-monolithic construction. In general, the aggtoinvolved combined assessment of the
calculated margin of wall stability and the state veall deformation based on visual
inspection and this continues to be applicable éd-proportioned masonry walls. However,
thin masonry walls (defined as slenderness ratigrefter than 5) are liable to fail in a brittle
manner without prior warning and these should kertaas being substandard, irrespective of
the apparent wall condition.

UDEC (Version 1.7) UDEG (Version 1.7)

)
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- 12 L 12
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Figure 1 - Results of UDEC Analyses

The Kwun Lung Lau landslide also highlighted th#ical importance of leakage from
underground water-carrying services on slope stabilRainfall analyses indicated that the
48-hour rainfall preceding the landslide was thestrsevere (return period about 28 years).
The fatal landslide was a ‘delayed’ failure in titabccurred several hours after cessation of
intense rain.

Finite element seepage analyses were carried ouatssess the contribution of the
different sources of water in saturating the groumathind the masonry wall. Transient
seepage analyses were undertaken to examine theus(eriod starting from the beginning
of the rainstorm through to the time of the landislitaking into account the actual rainfall
profile by the nearest automatic raingauge andtiction measurements.

The pathway for subsurface seepage flow towardsatidslide area established by the
forensic investigation is shown in Figure 2. Sufmste seepage flow took place through the
permeable fill layer at an elevation higher thae lindslide. The source of water ingress
was from defective sections of stormwater drairated beneath the yard area to the back of



the building block above the failed masonry wallhe seepage led to wetting up of the loose
fill behind the masonry wall. The consequentialtisment probably led to distress or
rupture of a foulwater sewer running across thesuart of the landslide area, which had a
rigid joint that was susceptible to ground deforimat This resulted in substantial saturation
of the retained ground mass leading to the collapse

The vital importance of environmental changes imvm leakage from defective
water-carrying services (due to deterioration andorp maintenance) in potentially
destabilizing a slope is emphasized by the KwungLuau landslide. The fatal incident led
to the issue of a Code of Practice on InspectiahMaintenance of Water Carrying Services
by the Government to upgrade professional pradtidbe investigation and maintenance of
underground water-carrying services (Works Brar@9c).
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Figure 2 - Section through the Landslide L ocation, Block D and the Yard Area

EFFECTSOFADVERSE GEOLOGICAL FEATURES

The 13 August 1995 landslide at Fei Tsui Road (GEI96) involved a large-scale
failure (14,000 M) of a 27 m high engineered cut slope. The laddstonsisted of a
translational failure with the detached ground msigding outwards on a surface dipping
gently out of the slope. Large failures of thipdyare unusual in Hong Kong, and this
landslide is the largest reported rapid failura ipermanent cut slope in Hong Kong.

The post-failure investigation established that Hasal slip surface of the landslide
developed along a laterally extensive (>50 m) layfekaolinite-rich altered tuff, which was
about 15 m below the crest of the cut slope angdidépout of the slope at about®1d 25 to
the horizontal, whilst the backscarp of the lardisivas defined by two sets of steep joints.
Plate 1 shows that the layer (about 0.5 m thicl) tontrolled the basal failure plane is highly
kaolinised and completely decomposed, with abunkaalinite veins ranging from 2 mm to
20 mm in thickness.

It is noteworthy that the slope with the adversalientated, persistent, clay-rich layer
that controlled the failure was investigated onuanher of occasions in the past. Signs of
seepage were observed above the clay-rich layeoweker, given the relatively shallow
inclination of the layer (up to 2§ all the various parties who previously studibd slope
considered the chance of a large-scale translatiahare along this layer to be remote.



Plate 1 - Kaolinite-rich Altered Tuff at the base of the Fel Tsui Road Landdslide

For the best estimate operational shear strengtimgerg of 29 for the clay-rich layer
(based on direct shear box tests), theoreticallisgyadnalysis predicted that a perched water
table of about 2 m above the layer would have sediicient to cause a translational failure.
The build-up of such a perched water table aboeep#rsistent clay-rich layer is credible
following the prolonged rainfall that preceded thiure.

The adverse effect of significant adverse geoldgfeatures on slopes previously
subjected to engineering studies was also illustrdty the 25 August 1999 Shek Kip Mei
landslide (GEO 2000). The slope displaced forwaydabout 1 m at the slope toe. The
total volume of the displaced mass was about 61800 A laterally-persistent (over 60 m
long) discontinuity dipping at a shallow angle afitthe slope formed the basal plane of the
southern part of the landslide. This discontinwitgs infilled with polished, slickensided
kaolin and manganese oxide deposits up to 15 mek tnly (Plates 2 and 3), which was not
mapped in the past geotechnical studies. The nsb@ar strength parameters of this
clay-infilled discontinuity based on direct sheaxlests are’'c= 0 andg = 20.

Sheared kaolin and manganese oxide deposits

e A

Slip surface infilled
with grey silty clay

Plate 2 - Close-up View of the Slip Surface within the Sub-horizontal Discontinuity
Infilled with Kaolin and Manganese Oxidein the Shek Kip Mei Landslide



o, % : Ve ¥ L B
LRV N P RPN g GRS 2
rsier . SRV Ly W S T
% Jsﬂmé‘ff@ i - A P i 2%
Plate 3 - Laterally-persistent Discontinuity Infilled with Slickensided Kaolin and
Manganese Oxidein the Shek Kip Mei Landdlide

Adverse geological structures, such as persistelaly-infilled discontinuities, can
provide structural controls to potential large-scahstability and give rise to adverse
hydrogeological conditions (e.g. conducive to buiflof perched water table), as highlighted
by the 1995 Fei Tsui Road landslide and the 1998k 3¢ip Mei landslide. As the shear
strength of weak infill to such adverse geologistilictures can be much lower than the
matrix material of the soil/rock mass, the convemai safety margin will not be adequate to
cover for such weak and impermeable seams if fresence is not taken into account in the
ground model. Enhanced geotechnical input inclydimparticular engineering geological
input must be provided, especially for potentigdlpblematic sites (Wong and Ho 2000), to
look for such safety-critical geological featuremlassist in the formulation of representative
ground model and hydrogeological model. The GE® daried out a series of studies to
improve the understanding of the effect of clayHied discontinuities on slope stability in
Hong Kong. The key findings are summarised by dafiand Parry (2001), and a GEO
Technical Guidance Note No. 4 (GEO 2001) has besred by the Geotechnical Engineering
Office for reference by practitioners.

NEED FOR ROBUST SLOPE DESIGN

Between1997 and 2002, 106 landslide incidents involved smadle slopes with past
geotechnical engineering input and geotechnicaigdesubmissions checked and accepted
under the slope safety system, 24 of which werenfajlures (i.e=50 nt in volume). All
of the 106 failures were studied to a sufficientaddo enable a meaningful diagnosis of the
probable causes of failure. Of the 106 cases/ffB8tad engineered soil cut slopes, 15 of
which were major failures. All these 53 failuresalved unsupported soil cuts, with no
structural support, such as soil nails or earthimetg structures.

While insufficient control of surface water can siimes be a contributory factor in
major landslides, the most important causes of niajtures on engineered soil cut slopes
are:

(1) use of an over-simplified ground model whicheslonot adequately cater for
safety-critical weak geological structures in theumnd mass, and

(2) use of an inadequate hydrogeological model whices not adequately account for
adverse groundwater conditions (e.g. significaniideup of perched water pressure
and/or rise in base groundwater table).

The comprehensive analysis of failures of engirgeresupported cut slopes highlights,
inter alia, the need for robust slope design toaeonhk the reliability of engineered soil cut



slopes. Robustness reflects the vulnerability sfope design to undetected (or unforeseen)
conditions adverse to slope stability (e.g. higinsient groundwater condition or presence of
adversely orientated and weak clay seam) thata@raatounted for in the stability analysis.

Measures that provide positive support to the slapeh as soil nails, reinforced
concrete retaining wall, toe weighting, etc., arerenrobust than unsupported cuts because
they are less sensitive to undetected or unforeseeditions adverse to slope stability (e.g.
high transient groundwater condition or adverselerdgated, weak clay seam). Robust
solutions are strongly recommended in view of tifeerent uncertainties associated with the
variability of the ground conditions and complexdhggeological regimes in practice. In
general, large unsupported cuts (particularly thest@ significant consequence-to-life or
major economic consequence in the event of a dlaijhee) should be avoided as far as
possible because these are especially vulnerahledetected adverse ground conditions due
to lack of system redundancy. Soil nails are rolb@gause the nails can bridge over local
ground weaknesses through stress redistribution feemte a soil-nailed slope behaves
effectively as a reinforced ground mass. An addddantage of soil nails, from a risk
perspective, is that the failure mode of a naileges is likely to be ductile, hence providing
prior warning of impending failure (e.g. progressidevelopment of slope distress) and with
reduced debris mobility, see Figure 3.

Unsupported Soil-nailed
cut cut slope

FOS .- A4 M

Risk of failure

‘OImproved ductility

Figure 3 - Advantages of soil nailing over unsupported cut

Since the introduction of soil nails to Hong Komgthe late -1980’s, there has been no
reported failure of a permanent soil nailed cupslo To ensure that the robust nature of the
soil nail solution will be realized, it is importathat the soil nails must be designed and
constructed properly. Guidance on the use of mails in enhancing the stability of cut
slopes, including cautions about its application certain situations, is given in GEO
Technical Guidance Note No. 11 (GEO 2003).

The vast majority of engineered unsupported sai$ ¢ue. with calculated Factors of
Safety that meet the requirements stipulated in @eotechnical Manual for Slopes
(GCO 1984), geotechnical design submissions acddpyethe checking authority, together
with qualified supervision and design review catreit during construction) has hitherto not
suffered any major failure. At the same time, gigant and rapid failures of engineered
unsupported soil cuts had occurred, resulting i@ donsequences or 'near-misses'. Some of
these significant failures occurred on unsupporet$ that had apparently survived many
severe rainstorms in the past. Unsupported cuts lm susceptible to deterioration,
environmental changes or more intense rainstormseofain rainfall duration-intensity



characteristics. It is therefore important thadigeers must heed the lessons learnt from the
past failures with a view to enhancing the relié§osind robustness of engineered slopes.

CONCLUSIONS

Landslides are important case histories on théopeance of slopes and our slope
engineering practice. Landslide investigations gn@viding a useful feedback mechanism
to improve the slope engineering practice and ecindine risk management system. With
the insight gained from landslide studies, pramtiérs can better appreciate what to do as well
as what not to do. There are considerable unoédaiin the assessment of stability of
slopes in highly heterogeneous tropically weathewstks and this must not be overlooked
through the use of seemingly over-simplified groumbdels and computer analyses.
Practitioners must pay special efforts to keep adiref the lessons learnt from landslide case
histories.
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DESIGN AND CONSTRUCTION OF SOIL FRICTION BORED PILES
IN HONG KONG, WITH PARTICULAR REFERENCE TO MARBLE
AREAS

Wong Hong-yal

Abstract : This paper describes firstly four well documehaad fully instrumented
pile load testing cases in the various marble drelleng Kong : one in Yuen Long,
one in Tung Chung and two others in Ma On Shan.th&se are small diameter
bored piles of 610mm nominal diameter, installechiyancing a continuous-flight
hollow-shaft anger to the required depth and theckfiled with a specified sand
cement mortar through the tip of the hollow angerirdy its withdrawal. This is
basically the PIP (Pakt-In-Place) piling system,t bith one very major
modification, which is the lowering of a steel Hepsection (of length varying from
24m to 36m) into the fully grouted pile hole. Withis modification the working
load can be easily increased by at least 100% #&oout 1500KN (for conventional
PIP piles) to about 3000KN or more. The variatidrihe above load test results
with the various ground conditions will be discugsad these will be compared
with two other load tests on considerably largemtiter solil friction bored piles
installed by an entirely different method - bentersupported bored piles. Finally
the probable mechanisms contributing to the diffeeein load-settlement and load
transfer behaviour of the various piling systemiélvd proposed and discussed, and
a more practical design approach for such piledHamg Kong will also be
suggested.

INTRODUCTION

In Hong Kong, a very common piling system adopsddrge diameter bored piles
founding on rock. There are two major reasongt$drequent adoption. Firstly, rockhead in
most of the areas in Hong Kong is not too deemden average at about 20m-30m below
ground surface. Secondly, the high building load Buildings exceeding 20-30 storeys
requires high bearing capacity.

Another very common piling system is driven stékbpiles. This has the
advantages of being relatively cheap, quick toadtimder favourable conditions and having
relatively high capacity (normally over 3000kN).

However, the adoption of the above two piling sgst will become very difficult as
well as very expensive under the following grourtd/sonditions :
(1) Very deep rockhead in excess of 50m-60m or exereding 100m.
(2) Very stringent noise or vibration control ortho

In marble areas in Hong Kong, sound rock is nolynat fairly great depth.
Moreover, driven steel H-piles are practically tuleut as a result of GEO requirement to
penetrate through all the rock cavities. In sugasg, soil friction bored piles appear to be the
most feasible solution unless the building loagdxtemely heavy or extremely light. In the

! Previously Architectural Services Department, Gomeent of the Hong Kong Special
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former case, bored piles founding on rock is pcatiy the only solution whilst in the latter
case, pad footing/raft foundation should be quitecaate.

DESCRIPTION OF SITE
There are the following common features for tHese instrumented sites.

(1) All the four sites are in marble areas in Hétmng. (See Figure 1)
Site 1 - Yuen Long, Site 2 - Tung Chung, Site 3a ®n Shan, Site 4 - Ma On Shan
(2) Sound rock is at fairly great depth, normalyen50m-60m to over 100m.
(3) The solil stratum is fairly thick, minimum ov@dm to a maximum over 100m.
4) The average SPT (Standard Penetration Tesi® Vai the first 30m of soil is at least
in the order of 20 or more, as summarized in theela (see also figures 3.1 to 3.4).

On the other hand, these four sites are diffaretite following aspects :

(1) Both Sites 2, 3 and 4 are in reclaimed landstsite 1 is basically along the Yuen
Long alluvial plain.

(2) As a result of (1) above, both Sites 2, 3 arfthde a fill layer of more than 10m
together with a thin layer of marine deposit.

FOUNDATION DESIGN CONSIDERATIONS

From the ground conditions as reviewed by gromwdstigations, one very striking
fact is that rockhead (i.e. sound rock) is at \@gmgat depth, varying from at least 40-60m to
over 100m. On the other hand, cavities are foumpiie shallow depths in Site 1. In Site 2,
cavities have not yet been found. Nevertheless, éxistence cannot be ruled out as most of
the drill holes terminate only at about 80m, at akhrockhead has not yet been reached.
Cauvities are found at greater depths of 50m-60nSi@s 3 and 4.

In view of the above considerations, it appeaasttie more common piling systems
such as large diameter bored piles founding on,rsidel H-piles socketing into rock and
driven steel H-piles are practically ruled out. fas pad or raft foundations, these are also
limited by the fairly low SPT values of 10-20 omtythe surface layer.

Form the above considerations, it appears thatmmgdation design for the present
sites must satisfy the following criteria :

(1) This must be a deep foundation (i.e. pilingrfdation) as the surface soil materials
are not strong enough to support the building load.

(2) These piles cannot be founding on or socketitayrock as the rockhead is too deep,
exceeding 100m in some areas.

(3) Driven steel H-piles are also ruled out. Tdrigerion together with that in (2) above
imply that these must be friction bored piles ifsso

4) Any piles must be at least 10-20m above thdlshkast cavities in order not to

overstress the cavities.

For friction bored piles in soil, another impoitgoint to note is that too large a
diameter is not cost effective. This is becausgbhtothe pile diameter can only double the
pile capacity, but the increase in piling cost @mally more than that. On the hand, too



small pile size (e.g. mini-piles of 300mm diameteismaller) will reduce the pile capacity
because of the high slenderness ratio.

With the above criteria in mind and consideringoalhe piling systems currently
available in Hong Kong, it appears that the mogable piling system is the so-called PIP
(Pakt-In-Place) piling system. This is a 610mm m@hdiameter augered bored pile and
from previous pile load test results, very higH sastion can be developed.

However, the working load of conventional PIP gilis only limited to about
1500kN, irrespective of the length of the pile ttaes working load is limited by the working
stress of the sand/cement mortar. With an allogvalirking stressof,,,) of 5 MPa and a

nominal pile diameter (D) of 610mm, the workingdo@y,,) based o is limited to
1461KkN. This is an intrinsic disadvantage of ti jile.

For the present 4 sites under consideration, sitdyl can accommodate such low
bearing capacity piles. For the other 3 sitesytbeking load has to be increased to at least
about 3000kN. In view of the above requirement® wvery major modification has been
made. This is carried out by simply inserting @ekH-pile into the pile after it has been
completely grouted.

The design method of the conventional PIP pileanisempirical one based on

SPT(N) values. For a pile bored to depth of H(elpty pile head, then the design working
load (Ry) must be the lower of the following 2 values.

DZ

(1) Pr = 48™ N, HIF+ 11 2 (5 Npasd
where P; = Working load calculated from average SPT value oegth H (kN).
N,,= Average SPT (i.e. N) values over depth H, witteld\N value limited to 40
F = Factor of safety 3, for conventional PIP design
Npase = SPT at pile base, limited to 200
2) Pyrout = T %crgmut = n%(sooq — 1461kN

The following special features can be observenhftioe above empirical design :

(1) The contribution of the end bearing to the vilogkdesign load is very small. Even
with SPT as high as 200, the end bearing only dmrirs to about 20%. With PIP
piles normally founding at SPT of 50-60, the cdmition is only in the order of 5%.

(2) With average SPT over the pile depth in theepf 30, the maximum founding
depth required is only in the order of 25m to 30Aenetrating beyond this depth is
meaningless as the working load is limited by thewable working stress of the
sand/cement grout of 5 MPa, thus limiting the maxmworking load to the order
of 1500kN only.

As boring to a greater depth of 40m to 50m doésmpose any technical problems
with the recent development of stronger augeringhimes, it follows that what is required is
just to reinforce the sand/cement grout. Accorginpe major modification in the present
works is to insert a steel H-pile into the fullyogted pile. The initial objective is to increase



the working load of the conventional PIP piles lhylemst 100% from about 1500kN to
3000KkN.

INSTALLATION OF TEST PILES

In general, the installation of all the test piége essentially similar to that for the
working piles, except that the steel H-pile isyulistrumented before final installation. The
installation process is as summarized in Figure 2.

The physical and mechanical properties of the pésts and their constituent
materials (grout and steel H-pile) in the varioilessare as summarized in Table 2.

INSTRUMENTATION AND TESTING OF TEST PILES

The instrumentation and testing of all the tekin these 4 sites were studied by
HKU (University of Hong Kong) and the details we@resented in HKU'’s reports (see Refs 1,
2,3&4).

The instrumentation and testing works compriseonhaj

(1) Installation of strain gauges along both siolethe web of the steel H-pile at about
3m to 4m intervals (see Figure 2 for typical layaarnd
(2) Taking readings of these strain gauges anddtieement at the pile top during the

various load testing stages.

Ideally, with the elastic strain of the steel gattat various depths available, the
corresponding pile force at various depths can ladgsdetermined provided :

(1) The elastic modulus of the steel H-piles, atastodulus of the sand/cement grout
and the total cross-sectional area of the pileagbus depths are known.
(2) There is no slip between the steel H-pile d®dsurrounding sand/cement grout.

In view of the above considerations, additionddolatory and field works are
required. The following tests were carried outha Structural Engineering Laboratory of
The University of Hong Kong (see also Refs 1, &, 8).

(1) Determination of elastic modulus of sand/cenggatit, and steel H-piles.
(2) Determination of bond strength between stegileland sand cement grout.

A summary of these properties is as given in Table

In order to further confirm that there is no diiptween the steel H-pile and the
surrounding sand/cement mortar, the elastic siraithe sand/cement grout was directly
measured in Site 1. This was carried out by ihstpktrain gauge on opposite forces of a
precast sand/cement grout cube, which was attaoltbe steel H-pile by a steel bracket.

DISCUSSIONS OF LOAD TEST RESULTS
In all these instrumented piles, there are twoomsgts of data to be measured :



(1) Settlement at pile top at various loading ssag®compliance test for a lot of piling
works.

(2) Axial pile load at various depths for each liogdstage : An investigative test for
improvement of future design.

The load-settlement results are summarized ineT@blThe following points are to
be noted :

(1) The load-settlement curve for all test pilesimsgeneral, linear elastic up to the
respective maximum load, i.e. failure of the pi@s not yet occurred.

(2) The residual settlement in all the test piesnly in the order of 1-2mm and this
further justify that failure of the piles has nett yccurred.

(3) Comparing the settlement at the same testdbatiout 3000kN, it is the highest in

Sites 3 & 4 and the lowest in Site 2. This terwdagree with the average SPT value
for the first 20m, as indicated in Tables 1 and 4.

With the axial pile load induced at any depth noeed, the corresponding total pile
shatft friction force developed at any depth){RasurediS given by :

(P9measure Pile load applied at pile top — Axial pile loacasured

The total pile shaft friction load at any depth) @dr the four sites is as indicated
respectively in Figures 3.1 to 3.4. The followilegtures are to be noted from thg:Rured
values in these figures :

(1) Fairly large pile shaft friction is developedthe first 10m. This is up to the range
of 2000-3000kN, irrespective of the pile load apglat the pile top. The effect of
the total pile length is also not very significanThis is not surprising if it is
accepted that pile shaft friction is proportioratite SPT values of the surrounding
soil.

(2) The axial pile load decreases quite rapidlyhvadepth. At two-thirds of the pile
length, about 80% of the total pile load applied haen dissipated. The remaining
load at the tip of the pile is quite insignificangrmally less than a few percentages.

(3) The presence of a layer of soft marine clagites 3 and 4 is accompanied by a
much less rapid increase in the pile shaft fricabthat level.

The relationship between pile shaft friction arRiTSan be further assessed from
Table 4. It should be noted that the ratio of agerpile shaft friction load to average SPT is
of the same order for each of the four sites.

COMPARISON WITH PREDICTION FROM EMPIRICAL EQUATION BASED ON
SPT VALUES
The empirical equation for design of the workingd (R) based on SPT values is

as follows :

Pa= Pr = 4.8mDH(Na)/F

It should be noted that this is the original engaitiequation as adopted in the conventional
design (see Section 3), but with modifications th@dj) addition of steel H-pile, (2) ignoring



base resistance and (3) increasing local SPT to 50.

With nominal diameter (D) of 0.61m and F=3, tHewable design working load,P

for each of the 4 sites can be calculated (base8RInvalues as in figures 3.1 to 3.4) and is
summarized in Table 3.

The above table indicates that allowable desigwl I(R}) as calculated from the
proposed empirical equation based on SPT valuesach site, exceeds the working load
(which is equal to half of the maximum testing [pdd be adopted in design. The
development of Pwith depth for each site is also plotted in FiguBel to 3.4, together with

the measured results.

The following special features are to be obsemetese figures :

(1) The rate of increase in pile shaft friction Ryis increasing with increasing depth.
This is to be expected as the SPT will in generaldase with depth.
(2) On the contrary, the measured values increasally very rapidly with depth, and

the increase tends to be very slow at the lowed thlhis tends to imply that during
load test, the full pile shaft friction has not herobilized for more than half of the
pile length.

The above difference in the variation in the depelent of pile shaft friction with
depth does indicate the predicted trend can onlyatid when the pile is loaded to failure.
This is because the SPT value represent basitalgtiearing resistance at the limiting state
of failure.

To have a better prediction of the actual varratdthe pile shaft friction with depth,
the empirical equation for prediction can be furtimedified by assigning different F values
as follows :

(1) F = 10 for upper third (i.e. at depth 0-H/3)
(2) F = 20 for middle third (i.e. at depth H/2H/3)
(3) F = 30 for lower third (i.e. at depth 2H/3H-

It can be seen from Figures 3.1 to 3.4 and Taltlebwith this modification, the predicted
pile shatft friction profiles agree fairly well witihe measured values.

COMPARISON WITH FRICTION BORED PILES IN SOIL INSTALLED BY
OTHER METHODS

At this stage, it would be most useful to comptaese results with friction bored
piles in soil installed by other methods. Theduwling two well documented cases have been
chosen for comparison :

(1) Case (A) : Asite in Kowloon Bay, with a bateetype pile of 2.8m x 0.8m x
40m deep (see Ref (5) for details).
(2) Case (B) :Asite in Yuen Long area, with ard @ameter and 50m deep pile

(see Ref (6) for details).

In both cases, the wall of the piles are suppdriebentonite during installation.



The general ground conditions of these two sitesaa summarized below :

Case (A) : Kowloon Bay Site Case (B) :  Yuen Long Site

0-6m : Medium dense FILL 0-7.5m : Medium dense FILL

6-15.5m : Soft MARINE CLAY 7.5-25.5m : Soft clayeylSl

15.5-28.0m : Firm to stiff ALLUVIAL CLAY to medium dens{25.5-33.5m . Stiff clayey SILT
ALLUVIAL SAND 33.5-49.5m . Silty CLAY

28.0-40M : Completely to highly decomposed GRANITE

The SPT values at various locations of these tves $or the first 40-50m are as summarized
respectively in Figures 4.1 and 4.2.

The load-settlement results of the test pile ithb@ase (A) and Case (B) are as
summarized in Table 3. The total pile shaft fontload developed at various depths has also
been measured in both Case (A) and Case (B) aad isdicated in Figures 4.1 and 4.2
respectively. Based on the average SPT valuepyé#ukcted total pile shaft friction values at
various depths have also been calculated as im8étand plotted in Figures 10.1 and 10.2.

A comparison of the ground conditions in these $i@s with the previous four sites
(Sites 1, 2, 3 & 4), in particular the SPT valueg(res 3.1 to 3.4 and Figures 4.1 & 4.2) does
indicate that :

(1) There is not any substantial difference betwbese sites.

(2) The Case (A) Kowloon Bay Site is, in fact, vemnilar to the two Ma On Shan Sites
(Sites 3 & 4) as they are all in reclaimed land.

(3) The Case (B) Yuen Long Site is also quite amib the Site 1 — Yuen Long Site,
both being in the same area.

However, the measured pile shaft friction in these sites is only about 50% of
that predicted from SPT values, as can be seenfigures 4.1 and 4.2. This is surprisingly
low when comparing with the previous four sitesg¢Si to Site 4) as shown in Figures 3.1 to
3.4, which indicate that the measured pile shadtiém is in the order of 60%-70% higher
than that predicted from SPT values. In other wptite average pile shaft friction mobilized
in Site 1 to Site 4 is about 300% of that mobilizedhe two sites in Case (A) and Case (B),
and this is demonstrated more clearly in Table 4.

Bearing in mind that there is no substantial défee in ground conditions for all
these sites, it follows that this major differenoepile shaft friction mobilized must be
attributed to the very different pile installatiorethods.

PROBABLE MECHANISMS CONTRIBUTING TO DIFFERENCE IN PILE SHAFT
FRICTION

From the comparison of the test results of thedvamps of six sites, the following
general conclusions appears to be valid :

(1) Prediction of the pile shaft friction from SR&lues by the adoption of any one
specific empirical equation is only valid for thadrticular type of pile installation
method for which that empirical equation is initfadesigned for.

(2) The empirical equation for design of the wogkload (R) based on SPT values :



Py= 4.8mDH(N,)/F, with F=3.0

is valid for the PIP (Pakt-In-Place) piling systeievertheless, this will lead to a
very serious over-design up to 200% to 400% fargihstalled by using bentonite
as a temporary support during installation.

As there is no substantial difference in the oadjiground conditions between these
two groups of sites, the drastic difference in plile shaft friction mobilized can only be
attributed to a change in the original ground ctiods as a result of pile installation.

Firstly, it must be considered which set of groyagdameters are affecting the pile
shatft friction. Starting from a most basic consadi®n based on general physical laws as in
Figure 5, which indicates the forces acting on lamentary pile surface area as well as the
forces acting on a soil element immediately adjadenthis pile surface. From basic
mechanics and basic soil mechanics principles :

Ts= optam oh= Kov
in which 1= Frictional shear stress acting on the pile serfacthe surrounding soil
on= Horizontal earth stress acting on pile surface
d= Friction angle at pile/soil interface or frictiomgle of soil immediately adjacent
pile surface, whichever the smaller
o, = Effective vertical soil stress on soil elementrigdiately adjacent to pile surface

K = Horizontal earth pressure coefficigne. ratio of horizontal earth stress to vert
earth stress)

Combining the above two equations will yield :
s= Ko, tamd

This means that the pile shaft frictional force eleped is controlled by these three soil/site
parameters : Kg,» andd. It is therefore essential to assess to whanhéxte pile installation

process has altered the ground conditions and tibase three parameters.

For the first group of four sites (Sites 1, 2, 3&installed by a continuous flight
hollow-shaft auger (see also Figure 2), the pil# dizring installation will be fully supported
all the time. Accordingly, inward yielding of tipéle surface is quite unlikely and therefore a
substantial reduction of the K parameter fromntsitu value is very unlikely. On the other
hand, for the second group of two sites (Case ite)asd Case (B) site), the pile wall is only
supported in most parts by a bentonite slurry duiimstallation. As a result of this
tremendous reduction in lateral support, the sa@temals at the vicinity the pile wall will
tend to yield inward, but the arching action prdsehe collapsing of the pile wall. With the
formation of such a loose zone around the pile ,vthkk subsequent replacement of the
bentonite slurry by concrete is inadequate to majgact the surrounding soil to its original
state. It can be expected that the K value indage will be reduced fromgKat rest earth

pressure coefficient) to a value below, Kactive pressure coefficient) and this already
represents several times reductiomwjnand hence i, even if there is no reduction in the
other two parameter,, ando.



The effective vertical overburden stresg)(is unlikely to be significantly reduced
in both piling systems. This is because even enkdéntonite supported case, the soil will
yield inward along a horizontal direction and there any arching action will also be along a
horizontal direction. Accordingly, the originatsitu vertical stress is unlikely to be affected.
Nevertheless, in many text books and technical ;saiehas been suggested thatshould

remain constant instead of increasing with deptéragaching a certain depth. As for the
other two parameters (K adjl these are constants throughout the whole defdha matter
of fact, this might just be a simple way of accangtfor the decrease @ with depth, as
discussed below.

As for thed value, it is again very common in most text boakd technical paper
that this is considered as a constant through@uivtiole depth and is equal to the smaller of
the following two values :

(1) The soil friction angle measured in triaxiahgaression test and calculated based on
the Mohr-Coulomb criterion, or
(2) The friction angle between the soil materiatl dhe pile surface as measured in

shear box test.
As a normal practice, the friction angle correspogdo the maximum shear stress developed
will be adopted for design.

By referring to Figure 5, it is obvious that tHeoge assumption is over-simplified
and will result in over-design. From this figurecan be seen that in the actual site,dhe
value that can be mobilized will increase with sti@e. displacement at pile/soil interface)
and this will reach a maximum value at a certaspldicement, the amount of which will
depend on the type of soil. For any working pites pile settlement is normally small and
will also decrease with depth. Moreover, the smalterials immediately adjacent to the pile
surface might be disturbed during installation.orirrthe above considerations, it can be
concluded that :

(1) Thed value that can be mobilized will decrease withtdep

(2) Depending on the type of soil and the methouhstallation, the maximurd value
might not be able to be mobilized at all in anyt pdithe pile.

(3) Accordingly, the adoption of the maximubnvalue as determined from triaxial

testing on undisturbed soil samples will be bakiaaleaningless in predicting the
pile shaft frictional force that can be developed.

Summing up, the significant difference in the @leaft friction mobilized in these
two groups of site is due to the difference in itiethod of pile installation. To support the
pile wall by bentonite slurry will result in localward yield of the pile wall, thus creating a
loose zone of soil immediately adjacent. The finedult is a drastic reduction in K
(horizontal earth pressure coefficient) anffriction angle), the amount of reduction being
dependent on the degree of disturbance as weleaypes of soil.

SUGGESTED FUTURE METHOD OF DESIGN FOR FRICTION BORED PILESIN
SOILSIN HONG KONG

From the above two groups of well documenteddiss on friction bored piles on
soils in Hong Kong, it can be concluded that féepthat have been considerably disturbed at



and adjacent to the pile wall during installatidgnyill be extremely difficult to adopt any
empirical equation for design. This is becauss é@xtremely difficult, if not impossible, to
quantify the extent and degree of soil disturbanceoving from one site to another. As
discussed in Section 9, both the K @ndhlues will be reduced with soil disturbance, #rel
amount of reduction being increasing with the iasee in the extent and degree of
disturbance.

On the other hand, an empirical design methoddoas&PT values can be adopted,
provided :

(1) The method of pile installation is consistantrioving from site to site.
(2) There is only minimal disturbance of the sumdimg soil materials during pile
installed.

For adopting into any empirical equation for desafjithese piles, the SPT value is a
far superior parameter than that determined fragsital compression test (or direct shear box
test). This is because of the following reasons :

(1) The triaxial compression test (or direct shaas test) can only provide information
on the d parameter, out of the three parameters ik, and o) required for

calculating the pile shaft frictional. On the athand, as the SPT is an in-situ test,
therefore this will measure directly the sheartioical resistance and hence a
combined effect of (Kg,, andd).

(2) As can be seen from Figure 5, 8healue thus provided is only the maximum value
at a certain amount of soil displacement. For rarpiles, the amount of soll
displacement is relatively small and certainly lowiean that required for the
mobilization of the maximum. Moreover, even for two soils with similawvalue,
the displacement required to mobilize the maxim@nvalue can vary quite
considerably. On the other hand, the pile settignre each case must be of the
same order. This means that the pile shaft fictovce that can be developed will
also vary quite considerably.

(3) Another very serious limitation in adoptingttessults from triaxial compression
test (or direct shear box test) is the difficutydifferentiating between the frictional
and cohesive components in most of the weathereld ss well as the
over-consolidated Alluvial Deposit in Hong Kongdekhlly, if the in-situ stress
conditions can be measured, then the frictionalédhat can be developed in-situ
can be accurately measured by the adoption ofedattiaxial machine, in which the
in-situ stresses along all three directions casibailated. Unfortunately, such a
device is not yet available for Hong Kong soils.

Nevertheless, it should be noted for empiricahgidesign equations adopting SPT
values as the design parameter, there is stillithigation that this can only predict the
maximum pile load (i.e. loading at which failurelivaccur). This basically cannot simulate
the working condition of the pile. Under normalnkioag condition, the pile settlement and
hence the displacement at pile/soil interface desae with depth. As a result of this, the unit
pile shaft friction force developed will decreaséwdepth, as can be seen from the measured
values in Figures 3.1 to 3.4 and Figures 4.1 to @12 the other hand, the SPT values will



increase with depth. This is demonstrated by #w that the calculated values from
empirical equation based or SPT values have thepiiei shaft friction force developed
increasing with depth (see also Figures 3.1 ta 3.4)

In theory, if the pile load can be increased tchsa state that pile failure starts to
initiate, then the calculated unit pile shaft fioct force developed might follow the same
trend as that of the measured values. Neverthetassin practice, very difficult to load a
full scale pile to failure.

To account for the above limitations so that ddvetimulation of the pile under
working load condition can be made, a simple erogirapproach as that in Section 7.6 has
been carried out by assigning a lower factor oétyaff) near the pile top and a higher one
near the bottom such that :

1  fortop one-third (i.e. at depth 0 — H/3)
2  for middle one-third (i.e. at depth H/3 — 3H/

F
F
F 3  for bottom one-third (i.e. at depth 2H/3 — H)

It can be seen from Figures 3.1 to 3.4 and Taltkebthe calculated values in this
manner agree fairly well with the measured valbe#h the trend and the magnitude.
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Table 1 : Average SPT Values of Site 1 to Site 4

Site Average SPT value (normally at 2m intervals)
2-10m 10-20m 20-30m 30-40m 40-50m
Site 1 — Yuen Long 15 23 1&-25m only)
Site 2 — Tung Chung 18 43 38 39 64
Site 3 — Ma On Shan 23 12 30 43 39
Site 4 — Ma On Shan 11 17 28 62 56
Table 2 : Physical and Mechanical Properties oft Teides and their Constituent
Materials in Site 1 to Site 4
3) (4) (5) (6) (1)
Site No. of piles Pile no. Length (m) Ec Es bu oc os
Doverall (Z)H-pile (x 106 kPa) (MPa)
Site 1 2 Pile 1 (No.208) 25 24 16-1f - - - -
Yuen Long Pile 2 (No. 836) v v v - - - -
Site 2 > Pile 1 (No.PP2) 38 36 21-2[7 200 - 46 380
Tung Chung Pile 2 (No.PP2) v 24 v - v
Site 3 > Pile 1 (No.P77) 45 36 17-21 - 31
Ma On Shan Pile 2(No.P195) v - v
Site 4 > Pile 1 (No.P2) 20-2( 0.98 36
Ma On Shan Pile 2(No.P104) . . v v v
Notes : (1) Nominal pile diameter = 0.61m (5) opy = Ultimate bond strength between steel H-pile and
(2) All H-piles being 305 x 305 x 149kg/m sand/cement grout
3) E¢ = Elastic modulus sand/cement mortar © = Compressive cube strength of sand/cement grout

(4) Eg = Elastic modulus of steel H-piles (Bs = Yield strength of steel H-pile




Table 3 Relationship between SPT and Pile Shadtién in All Test Sites
Pile | Maximum testing| Total/Residual Settlement| Design working load,
Site Pile no. length | load, Rnaxl) (mm) at Pq
(m) (kN) 0.5Rnax Pmax (kN)
Site 1 Pile 1 (N0.208) 25 2922 2.68/0.14 6.28/1.3D 1770
Yuen Long Pile 2 (N0.836) v 1 2.53/0.14 650/1.29
Site 2 Pile 1 (No.PP1) 38 5360 2.88/0.47 6.00/1.07 3300
Tung Chung Pile 2 (No.PP2) 1 5540 3.03/0.5p 4.78/0.5
Site 3 Pile 1 (No.P77) 45 4400 3.54/0.32 9.22/1.19 3600
Ma On Shan Pile 2 (No.P195) 4600 6.00/0.011 12.83/1
Site 4 Pile 1 (No.P2) 5400 4.32/0.09 10.13/1.78 3600
Ma On Shan Pile 2 (No.P104) 5200 6.00/0.01 12.69/1
Lase (A) Site Pile 1 40 5430 2.60/- 9.35/1.94 10722
Kowloon Bay
Case (B) Site Pile 1 50 5400 7.27/2.34|  21.9/9.00 9039
Yuen Long
Notes (2) The test load below which the loadeitnt curve still more or less linear elastic.
Table 4 A Summary of Load-settlement and Predi@esign Working Load in Site 1
to Site 4
site Stel| Site2| Sited Site 4 S5¢ () Sitq Case (B) Sit
Kowloon Bay Yuen Long
Average SPT over first 20m 19 30 17 14 14 21
Avgrage pile shaft friction load over full lengtlen 60.5 746 502 611 18.9 22 4
unit area at maximum load (kPa)
Ratio of average pile shaft friction to average SPT 3.18 2.48 3.07 4.36 1.35 1.07

Table 5 A Comparison of Measured and Predictésl Fhaft Friction Profile in Site 1
to Site 4
Maximum load Ratio of measured to calculated shaft friction
Site Pile no. (kKN) developed at depth
Measured Calculated H/3 2H/3 H
Site 1 Pile 1 (N0.208) 2922 2780 1.108 1.034 1.051
Yuen Long Pile 2 (N0.836) 2922 2780 1.702 1.216 51.0
Site 2 Pile 1 (No.PP1) 5360 5080 1.581 1.203 1.055
Tung Chung Pile 2 (No.PP2) 5540 5080 1.865 1.312 0911.
Site 3 Pile 1 (No.P77) 4400 5790 1.020 1.039 0.760
Ma On Shan Pile 2 (No.P195) 4600 5790 1.025 1.003 7990
Site 4 Pile 1 (No.P2) 5400 5384 2.170 1.580 1.003
Ma On Shan Pile 2 (No.P104) 5200 5384 2.058 1.454 .96680
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MULTI-STOREY BUILDING ON RAFT FOUNDATION
IN HONG KONG

W Y WONG?, Andy L K NG? and Martin K T CHAN?

Abstract: A 29-storey residential building with a 3-level bagent carpark was
proposed to be supported by a raft foundation fedrmh in-situ soil at 14.5 m below
ground level. Bedrock is at approximately 30 molethe ground level. Plate load
tests using Osterberg Load Cells were conductedniirm the feasibility of adopting
raft foundation on completely to highly decompogeahite (C/HDG) instead of deep
foundation on bedrock. Tests results proved thagtlowable bearing capacity of the
C/HDG at the foundation level is greater than tearlmg pressure to be imposed by
the proposed building. This paper describes théhodeof plate load test using
Osterberg Load Cell and presents results of this #ssd the settlement monitoring
during construction of the proposed building.

INTRODUCTION

The site is located at No. 1 Homantin Hill Roadgethsides of the site boundary are
surrounded by 30° to 40° downward slopes and timair@ng side abuts an existing 6-storey
building on the adjoining lot. The layout of théesand the surrounding features are shown in
Figure 1.

! Associate Director, Fugro (Hong Kong) Limited
2 Principal Engineer, Fugro (Hong Kong) Limited
®Project Engineer, Fugro (Hong Kong) Limited



Figure 1 — Site Location Plan

The proposed development is a 29-storey residdmtiding with a 3-level basement
carpark. The proposed basement has a plan dimeok@pproximately 35 m x 50 m and a
maximum depth of 14.5 m below existing ground levEhe proposed residential building is
located at the central portion of the basementinfbotprint covers about one-third of the
plan area of the basement (see Figure 2A).

The total design load of the residential buildingl ahe basement is approximately
550 MN and it was estimated that the maximum debB&garing pressure over the footprint of
the basement will be about 700 kPa based on a Yeugdulus (E) of the founding soil
using a correlation of E=1.0N MPa.

FOUNDATION OPTIONS
A ground investigation comprising 15 drillholes aédrial pits was carried out to

acquire sub-soil information for the design of fdation and basement excavation works.
The ground investigation results revealed thatstite soil geology was fairly uniform across
the site with in-situ soil (completely decomposednite) encountered at about 2 m below
ground level and bedrock at approximately 30 mweajoound level. The average blow count
of the Standard Penetration Tests (SPT-N valuedprpeed at the proposed level of the
basement was 80 and the N value gradually increagbdlepth. The groundwater level was
approximately 20 m below ground level. The drilhdocations and representative
geological section of the site are shown in Fig@#&snd 2B respectively.
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Based on the geological conditions and the buildiragl, a piled foundation, such as
bored piles founded on bedrock, would normally lmpded to support the residential
building. However, in view of the configuration thfe structure and the ground conditions, it
was considered that it is feasible to use a rafsupport the residential building but
confirmation of the allowable bearing capacityto founding stratum has to be carried out.

RAFT FOUNDATION

To verify the allowable bearing capacity of thetrgflate load test is normally
conducted at the proposed founding level using dbeventional method, in which the
reaction load is provided by a kentledge that masef concrete blocks or reaction piles as
shown in Figure 3. However, the conventional méthvas unsuitable for this site because it
could only be carried out after the excavation heached the founding level. If the test
results found that the bearing capacity at theatew® founding level was less than the
required bearing pressure then it would be too tlatehange to another type of foundation.
Therefore, the plate load test using Osterberg I@eltl(O-cell) was used for this site.
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Figure 3 — Setup of Conventional Plate Load Test

OSTERBERG LOAD CELL
Osterberg Load Cell (O-cell) is a specially destyrigydraulic jack developed by
Professor Jorj O. Osterberg of the U.S.A. in 19&80sload testing in bored piles or deep



foundation. The O-cell is a high capacity, hydilly driven, sacrificial jacking device
installed within the testing pile with steel platdtached to the top and base of the cell. This
assembled hydraulic jack-like device will then k&ehed to reinforcing steel cage and
placed at the bottom or/and some distance abovieattem of a sacrificial bored pile. When
hydraulic fluid is pumped into the cell, it exeftsces in two directions, upward against side
shear and downward against end bearing of thdtest pile. End bearing provides reaction
for the side shear portion of the load test and viersa.

With this arrangement, the test will automaticalgparate the two resistance forces,
namely the end bearing and the upward shear resesta Rod extensometers can be
connected to the top and bottom plates of thefoeliecording the movement of the plates
during the test. Instrumentation including vibrgtwire strain gauges, linear vibrating wire
displacement transducers can also be installeaeipile shaft or attached to reinforcing steel
cage.

SEPUP OF THE PLATE LOAD TESTS

For this project, two sacrificial 1.2 m-diametemnceete bored piles were constructed
at two selected locations of the site for perforgniine loading test. The selected locations (i.e.
locations PLT1 and PLT2) of the tests are showRigure 4. These locations were selected
based on that the SPT-N values adjacent to thesdawations indicated that soil stratum

may be relatlvely Weaker When comparlng Wlth thé’$PvaIues at other drillholes locations.
’ \\1/%/ \A

Figure 4 — Selected Location of Plate Load Test

The set up of the loading device was formed byrabiag two 75 mm-thick and 900
mme-diameter circular steel plates to the top anibbo of a 230 mm-diameter O-cell. The
O-cell and the assembled loading device are shawigures 5A and 5B respectively. Steel
rod extensometers, strain gauges, transducer exteer and displacement transducers were
installed for monitoring the displacement and defation of the test piles. Instrumentation
set up of the test pile is shown in Figures 6A @Bd
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After the pile shaft had been formed, the basédefhiole was then cleaned carefully
to avoid formation of loose layer above the beasngace. Cement grout was then placed
on the bottom of the hole before lowering the micihg steel cage into the hole to ensure
uniform bearing over the bottom. The shaft oftlbeed pile was then filled with concrete.

The upper ends of rod extensometers and dial gaogescording their movement
during the test are shown in Figure 7. All diabges were mounted on a long reference
beam staked to the ground a sufficient distance filee pile location to secure it in a fixed
position (Figure 8). The deformation of the refere beam was also checked using a survey
level. Signal cables for collecting data from strgauges and transducers were connected to
a central automatic data logging system as shovgure 9.

By

Figure 7 —Upper ends of Figure 8 — Reference Beam Figure 9 — Central Automatic
extensometers Data Logging
System

TESTING PROCEDURES

Testing commenced after the concrete of the piddt dtas gained sufficient strength.
The testing pile was loaded by the O-cell and #etion to the loading is provided by the
friction on the pile shaft. This loading procedimas the advantage that the load was applied
directly at the founding level instead of being lsgxp at the top of the pile. If a top loading
method was adopted, the applied load must overcthraeshaft friction before the base
resistance was mobilised. For a deep pile, tred sbhiaft friction might be much higher than
the base resistance and a very high applied loaddwoe required. During the test, the
applied load and the penetration of the base piatee cell into the ground were measured
by pressure gauge and extensometers respectivdlyhe same time the stress in the pile



shaft was measured by the strain gauges and thieatenovement of the pile head was also
monitored by dial gauges.

A cyclic loading method including 4 cycles with @axmum testing load of 1800 kN,
which is equivalent to an applied pressure of 2BB@ (higher than 3 times of the design
bearing pressure), was adopted for the tests. dddiig was increased in 3 increments until
the maximum test load of the first cycle was redclgach increment was held until the rate
of settlement was less than 0.05 mm in 10 minwesa period of 30 minutes. Upon reaching
the maximum test load, the load was maintainedfoours and the readings were taken at 1
hour interval. The test pile was then unloaded mecrements and was allowed to recover
for a period of 1 hour after unloading. The nexdding cycle was then commenced until
completion of the 4 loading cycles. The maximurst tead of the % loading cycle was
maintained for 3 days, during which time the setdat was monitored at fixed time interval,
i.e. 8 hours.

RESULTSOF THE PLATE LOAD TESTS
The load-settlement curve of the tests at locat®bh$l and PLT2 are presented in
Figure 10A and 10B respectively.
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Figure 10A — Load-settlement Curve of Figure 10Boad-settlement Curve of
Plate Load Test at PLT1 Plate Load Test at PLT2

The test results indicate that the maximum apphiedsure of the test, 2830 kPa (i.e.
total load = 1800 kN) has not reached the ultintegaring capacity of the soil stratum. As
the test has not reached the ultimate bearing y@ssene third of the maximum applied
pressure was therefore adopted as the allowablinggaressure (i.e. 943 kPa). Under this
applied pressure, maximum settlement at testirgPilT1 and PLT2 was 8 mm and 7 mm
respectively.

A finite element computer program — SAFE basedhenmethod of Joseph E. Bowles
(Ref. 6) was used to estimate the settlement ofafidoundation at the design loading. The
predicted maximum settlement of the raft was 23 amah the differential settlement was 1 in
1150. In the finite element computer program, equivalent modulus of elasticity’ — ‘E’ of



the bearing stratum was estimated based on th@noly expression for a rigid loaded area
with a diameter — d on an elastic continuum:

qTm

| ST d(1-v
p 4
where q is the average load intensfiyis the settlement and a poisson ratp= 0.3

was adopted. Based on results of SPT-N valuesaabw drillholes and the plate load tests at
PLT1 and PLTZ2, the relationship between ‘E’ and $¥PValue is given by ‘E'=0.7 Nto 1.7

N (MPa). ‘E'=1.0N MPa was adopted in assessings#tdement of the raft foundation under
the design loading.

DESIGN VERIFICAITON

Upon completion of the plate load tests using theed method, the results of which
indicating that the bearing capacity of the sorhtstm at the intended founding level is
adequate, the basement excavation works were tfemeqded. In order to compare the
results of the plate load tests between using Oamall the conventional method, two
additional plate load tests using conventional leelge method were carried out at the
intended founding level upon completion of the ext®n works. The general view and set
up of the additional plate load tests are showrFigures 11A and 11B respectively. The
results of the additional plate load tests wergeneral agreement with that by the O-cell.

‘ "
| R
Figure 11A — General View of Prate Load Test Figlt® — Testing Set up of Plate
Using Conventional Method Load Test

To monitor the settlement of the raft foundatiominly the construction stage, eight
settlement check points were installed on the stmecture of the high-rise building until
completion of the construction works. No noticead@étlement and tilting were measured up
to the completion of the building structure in 12@02.

CONCLUSIONS

A reliable prediction of the allowable bearing ceipa of the sub-soil stratum at
tentative founding level is a critical task for theoduction of a cost-effective foundation
design. In this project, the use of O-Cell forifreation of the bearing capacity of the sub-
soil stratum for the design of raft foundation 13 mnovative and successful approach.



Significant savings on both construction cost amethave been achieved by eliminating the
use of piled foundation for the high-rise building.
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TEMPORARY SUPPORTSFOR TUNNELSOF TRUNK ROAD T7 IN
METASEDIMENT GROUND

W.W. Yang®, Man-Tim Leung® and Joseph Lo®

Abstract: Trunk Road T7 is a dual 2-lane carriageway of 3r2l&ng at the
outskirt of Ma On Shan Town connecting Ma On ShaadRat the western end
and Sai Sha Road at the eastern end. Upon coomplétie road system would
provide a direct link for the traffic between Shia &nd to the north of Ma On
Shan. Two tunnels, of approximate 380m total llergid of 12m and 16 m span
respectively, were bored in the rock mass of methrsents and granitic origin.
A fault/contact intersecting both tunnels was idfeed. It posted a difficult and
challenging job for the excavation and supportstifier tunnels of large span
with a maximum excavation section of 148im an area of complex geology.
The design philosophy of temporary supports isudised in this paper. Some
monitoring results of ground response during tuncmhstruction are also
presented.

INTRODUCTION

A new Trunk Road T7 in Hong Kong was proposeditanect the Ma On Shan Road in
the south with the Sai Sha Road to the north agtbepin Figure 1(a). The Trunk Road T7 is
designed as a dual carriageway of approximatehk®2n length, comprising ‘at grade’ and
elevated sections. The alignment of Trunk Roaduns along the foot slopes of the Ma On
Shan to Tate’s Cairn Ridge which rises steeplyheosouth-east. At the Junction J22 near the
northern end of T7 at the Sai Sha side, two redtighort sections of tunnels would pass
through a Ma On Shan Mountain by drill and blaststouction method to form the westbound
off-slip Underpass C and on-slip Underpass D asvehim Figure 1(b). This project was
tendered in December 2000. China Harbour Engingef@ompany (Group) won the
construction contract in January 2001 of about HK$hillion contract sum. Maunsell
Consultants Asia Limited is the design engineetlierproject.

The Underpass C and Underpass D tunnels are ofah2hd6m span respectively and
with a total length of about 380m. The excavatiowss-sectional areas are about 11 amd
148nft respectively for Tunnel C and D respectively. Twonels were driving approximately
curved parallel on plan from the westbound at reaeél +20mPD towards the eastbound at
road level +30mPD, with a minimum ground cover bbat 5m. On the other hand, the
minimum separation of Tunnels C and D is about 2Bnire to centre which gives a minimum

! Senior Engineer, Maunsell Geotechnical Services Lt
2 Project Engineer, Maunsell Geotechnical Servidds L
3 Executive Director, Maunsell Geotechnical Services



rock pillar width in-between the tunnel opening®ofy about 9m minimum. The major tunnel
sections would be bored in rock mass of meta-saasrend granitic origin. A fault/contact
zone intersecting both tunnels was identified dydetail design stage (see Figure 1(b)). It
posted a difficult and challenging job for the exation and supports for the tunnels up to 16m
span in an area of complex geology (see Figure 2).

This paper discusses the design philosophy of éeanp supports. Some monitoring
results of ground response during tunnel constyoare also discussed.

DESCRIPTION OF GEOLOGICAL CONDITIONS

The underpasses are located in an area of corngplangy, with a fault having been
conjectured to closely follow the line of the eastsections of the underpasses, through the
portal locations. This fault divides the area imteo significantly different elements, the
northern comprising fine and medium grained granitend the southern consisting of
metasediments, fault breccia, and rhyolite. Assaltef the ground movements the more brittle
metasediments appear to contain a significant nuofltrandomly orientated fissures, although
frequently incipient. The general geological settiof the tunneling area as inferred from the
results of the ground investigation are shown iguFeés 3 and 4. The ground materials
encountered during the tunnel excavation are:

Granites

The granites comprise both fine and medium graiaed fine grained. The upper
sections of the deposit are generally completetpd®wosed. At the level of the tunnel crown,
the material is expected to be slightly weathened moderately strong to strong. The joint
surfaces frequently contain kaolin, chlorite and/ina stained with iron or manganese.

Metasediments

The metasediments are generally grey and lighe finained or cryptocrystalline
materials, with a complex interaction to the adjdaulted and brecciated deposits. The
strength of the material is frequently up to motiyestrong but it appears that it is quite brittle
The structure of the material is relatively unifolport it is cross cut by many randomly oriented
incipient fractures along which parting during ogrihas occurred. These fractures are
frequently infilled with quartz, but penetrative atbering of the joint surfaces was evident
when no quartz was present. The closely spacatsjare frequently coated with chlorite and
calcite. This led to a general low recovery of ¢camed attendant low RQD values.

Faulted, Brecciated and I ntruded Zone

These grey spotted white materials vary in stierfigim weak to moderately strong.
The deposits vary according to the original roghketyand it is suspected that the rhyolite may
have intruded the fault zones also. The total cemmvery varied markedly but RQD was
frequently above 50%.



ROCK MASS CHARACTERIZATION

A rock mass is generally weaker than its congtitotk material as the mass contains
structural weakness planes such as joints andsfaltlie stability of an excavation in a jointed
rock mass is influenced by many factors includitmgregth of intact rock, frequency of jointing,
joint strength, confining stress, and pressure atew The best practical way in which those
factors could be taken into account is by applymegk mass classification methods.
Quantitative classification of rock mass has becpoyular in the last decades, and justifiably
S0, since it provides a quick means of assessiok mmass quality, making comparison of
previous experience and estimating support req@neésn Two comprehensive classification
systems have stood up, the Norwegian Geotechmséitute (NGI) Q System developed by
Barton, Lien and Lunde (1974) and Geomechanicss@ilcation System by Bieniawski (1979).
Both systems are substantially for civil enginegmpplications (Stacey and Page, 1986).

For the purpose of establishing appropriate lef&mporary supports, the Norwegian
Method of Tunneling (NMT) based on the Q system used as the main guide in assessing
systematic support requirements for the tunnetedk mass. It should be noted that although
application of the Q systems is straight forwamhsiderable insight, intuition, experience and
engineering judgement are required. The Q Systessification based on the three aspects of
rock block size (RQDJ), joint shear strength {J,), and confining stress {(ERF). The rock
mass quality number Q is defined as

_RQD J, J,
Q=75 Cr @

Where, J is the joint set number; & the joint roughness numbeg; id the joint alteration
number; | is the joint water reduction factor, and SRF &s $kress reduction factor.

The Q System classification was applied in theggmt. The results of rock mass quality
assessments for expected metasediments basedilablaviaore hole logs within this project
area are given in Table 1 for a tunnel of 16m spdhe likely ranges of Q to present the
percentage of rock mass to exhibit a given rockityuar the depth ranges beneath rock head
level of Om to 10m; 10m to 20m; 20m to 30m; 30m#@m; and greater than 40m are given.
The Q ranges as shown in Table 1 are correspondihgs| support classes 1 to 8 for a 16m
span tunnel. In order to account for the increatagtee of freedom of the blocks movement
caused by the creation of extra free faces in thmity of portals, the Q values would be
modified by multiplying the Jn value by 2 for tuhmp®rtals. This would increase the support
requirements and reduce shear strength and deform@taracteristics of rock mass.

Table 1: Estimated Q range as percentage ofrtmt&lmass for a 16m span tuhne

Support Class
Depth 8 | 7 | 6 | 5 | 4 | 3 | 2 | 1

Range Qrange
<0.003 0.003-0.12 | 0.12-0.17 0.17-0.29 0.29-0.76 0.76- 1.66 1.66 - 3.0 >3.0
0-10m 0 52 12 20 15 0 0 1
10-20m 0 41 8 24 17 7 3 0
20-30m 0 0 2 36 25 24 8 4
30-40m 0 0 5 30 59 5 0 0
>40m 0 0 0 0 36 25 40 0




DESIGN OF TEMPORARY SUPPORTS

Tunnelsin Rock

The principal objective in the design of tunnepgaorts is to help the rock mass to
support itself. Systematic temporary supports ctimgj of an integrated rock reinforcement of
dowel and shotcrete would effectively act togetheh rock mass to limit rock deformation,
and therefore help the surrounding rock mass ielasspporting and stable state with an
adequate safety during construction until the paeenatunnel lining could be installed. One of
the most useful of Q-system is the support selectbart in which the tunnel support
requirements are presented in a function of rockshtpuality and ratio of the tunnel span to
ESR (Excavation Support Ratio) that representsdlfiety of an excavation. Table 2 shows the
temporary support guidelines corresponding to sttppasses for a 16m span tunnel based on
the NGI Q-System (NCA, 1994). Analytical metho@dwé been used to assess the stability of
tunnel excavation and determine the requiremestupport class 8 which was expected to be
encountered the varying conditions of weak or migexind.

Table 2: Temporary Support Guidelines for a 16angpinnel

NGI Minimum Systematic Support Requirements Minimum Monitoring
Support Requirements
Class
1&2 Feature Dowels: Installed in walls and crown as necessary. | Convergence monitoring
Systematic Dowels: hone. unlikely to be necessary
Shotcrete: Min. 25mm applied as necessary to local fracture
zones.
3 Feature Dowels: Installed in walls and crown as necessary. | Convergence monitoring
Systematic Dowels. 4m long on 2.4m grid in crown. None |nunlikely to be necessary
walls.
Shotcrete: Min. 25mm in crown. None in walls.
4 Feature Dowels: Installed in walls and crown as necessary. | Convergence monitoring

Systematic Dowels: 4 m long on 2.2 m grid in crown and wa|lat max. 34m intervals
with faceplates.
Shotcrete: 70 mm in crown. None in walls.
5 Feature Dowels: Installed in walls and crown as necessary. | Convergence monitoring
Systematic Dowels: 4 m long on 1.8 m grid in crown and wa|lat max. 24m intervals
with faceplates.
Shotcrete: 70 mm fibre reinforced in crown. 40 mm fibfe
reinforced in walls.
6&7 Feature Dowels: Installed in walls and crown as necessary. | Convergence monitoring
Systematic Dowels. 4 m long on 1.5 m grid in crown and wa|lsat max. 1.2m intervals
with faceplates.
Shotcrete: 120 mm fibre reinforced in crown and walls
8 Seel Ribs: Strengthened UC ribs of Grade 43A at 1.2 m cerftt@snvergence monitoring
with fibre reinforced shotcrete lagging and pipefrp at max. 1.2m intervals
pre-supports. Subject to detailed analyses.

Tunnelsin Weak or Mixed Ground

An assessment of the internal stability of thenelrexcavation in weak or mixed ground
and including the portals has been made using Bradimite element program. A simplified
model in two dimensions was established to simuthee complicated three dimensional
behavior of staging excavation and ground relarafidhe Mohr-Coulomb constitutive model
was used to present the plastic behavior of rocksn@and roof canopy. Three elements of
support have been included in the analyses, asifsil



¢ inclusion of pre-installed pipe roof canopy in thewnel crown of about 120deg
sectional zone, comprising one or two rows of 50dmmeter, 6m long pipes at 500mm
center-to-center spacing through which grout wdndgpumped.

e steel arch ribs and an invert strut.

e fibre reinforced shotcrete to be sprayed immediamdvering the ribs by a minimum
thickness of 40mm.

Due to the relatively large spans of the tunrtbls excavations were considered to be in
stages, so that supports can be installed as sooosaible after exposure thereby not allowing
significant deleterious convergence to occur. A stage excavation strategy of Underpass D
in a mixed ground condition is a top heading (maxim/m height) with one row pile roof
canopy , lower bench staging excavation and sifeglof UC152mm x 152mm x 30kg/m with
200mm thick fibre reinforced shotcrete and withantert strut. The predicted ground
responses are:

o vertical deflection at the tunnel crown in the@rdf 7mm and the invert heave of about
11mm at stage 1 top heading excavation as showmd-ta), and
. responses of the composite temporary supportsthtdxcavation stages are within the

carrying capacity of the shotcrete-rib composijgpguits presenting in the interaction of
normalized bending moments and thrusts as depictedjure 5(b).

TUNNEL EXCAVATION AND MONITORING

Most rock tunnel sections were excavated by coimweal blasting method using
cartridge explosives. In the poor and extremelypook masses, and where blasting might not
be permitted, mechanical excavation by stages wbeldarried out, with supports installed
close to the face for limiting ground deformati@ml convergence, and ensuring that ground
movements would not exceed the limits. Prior totstg the excavation works from the weak
or mixed ground section for construction of rooppart canopy, probe holes of 64mm
diameter were drilled in a manner to ensure thatmnobe hole is maintained to a distance of at
least 20m ahead of the tunnel working face. Alsipgobe hole was established in the tunnel
crown and angled upwards at a gradient of about2(M). Where a worse ground condition is
encountered or expected, probe holes at the twpnielg-line on either side of the face angling
outwards at about T@vere also established at least 20m ahead of tdee faminimum lap of
1m was maintained between successive sets of grobin

Monitoring and the facility to upgrade supporthe light of any adverse or unexpected
results are also essential parts of the design camdtruction process. Monitoring and
instrumentation along the alignment of the tunnetevestablished on the basis of the detailed
design. Site monitoring during the whole constttprocess was controlled by relating the
derived figures to alert, action and alarm levdlse instruments have been installed both
within the tunnels to monitor the ground behavasrgd above the tunnels, particularly near the
portals, to monitor the effects of tunnel constiartt the ground surface and existing utilities.
Prior to the commencement of construction, instne®n at some critical locations was
installed to establish baseline readings. At thenél portals, inclinometers and survey
reference points were installed to monitor the gbunovements. Piezometers at selected



locations were installed to monitor the groundwagsels. Within the tunnels, convergence
monitoring during excavation has been carried sutg3 or 5 point arrays, and the monitoring
locations and frequency were determined accordirige excavation stages, the support class.

The measured results of convergence arrays atiarsef Tunnel D in a mixed ground
are presented in Figure 6(a). It can be seendheergence after top heading excavation was
about 0.1% and increased up to about 0.3% aftestbexcavation (Array CLL1). The closure
of walls at springline was up to 0.15% (Array CLEhd the closure of walls below springline
after bench excavation was less than 0.05% (Arra)CThe crown settlement after top
heading excavation was about 10mm and increassiobiat 15mm after bench excavation (see
Figure 6(b). Comparison measured ground respontse predictions showed a reasonable
correlation.

DISCUSSIONS
Two large span tunnels of 380m total length weutecsssfully excavated in

meta-sediments, fault breccia/intruded zone anahitigaorigin. The NGI Q system was
adopted to estimate systematic temporary suppdrenantegrated rock reinforcement of
dowel and shotcrete for tunnels in rock. For tusniel weak or mixed ground, staging
excavation with temporary supports of steel ribsl ahotcrete was designed with aid of
numerical analysis methods. A tightly controllecc@xation and comprehensive monitoring
scheme were implemented during tunnel construct@mound movements during the
excavation showed reasonable correlation to thmason.
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A CASE HISTORY OF SIMPLE SOLUTION
TO A COMPLEX GEOTECHNICAL ENGINEERING PROBLEM

K P Yimtand D Y W Char?

Abstract : The original scheme of a highway footbridge improvement project
required excavation into the uphill slope to make room for a standard pedestrian
access ramp and staircase structure. The excavation might involve demolition of
some 50m length of an existing 12m high caisson retaining wall, and replacement
by a higher 17m double row bored pile wall, right next to an existing busy highway.
Design of the 17m high double row bored pile wall was a challenging geotechnical
assignment, involving complex technical issue of soil/structure interaction and
construction technique. Detailed design had then proceeded, putting a lot of effort
in both literature search for previous similar design cases, and sourcing for
appropriate analytical models and computer programs to carry out the complicated
design.

Towards the end of the detailed design stage andglthe pre-tender stage, this
original scheme was reviewed again. The works esisnated to cost some HKD
60M (of which over 40M was due to the geotechnieatks), difficult to build, and
requiring a long construction period of 36 month#&t this point, the client’s
fundamental  requirements were re-visited, witlvi@v to developing a much
simpler solution. With input from the project teatime client and major stakeholders,
a revised scheme was finally drawn up which madleue of the existing caisson
wall and dispensed with the double row bored mlgacement wall. There resulted
in a consequent saving in construction time of A28 months and a huge cost
reduction of HKD40M, not to mention the substanteduction in risk to commuters
close to a busy highway during the constructiogestarhis paper presents details of
this case history, the geotechnical engineeringgdss and discusses the change
process.

INTRODUCTION

A project was initiated to improve the junctions at Ap Lei Chau Bridge Road,
Ap Lei Chau Drive, Lei Tung Estate Road and Ap Lei Chau Praya Road to meet the
increasing traffic demand. The project comprised re-aligning and widening of the road
junctions and approach roads, and provision of a footbridge over Ap Lei Chau Bridge
Road. In the original scheme, the standard pedestrian access ramp and staircase
structure for the proposed footbridge would endno&ado the existing caisson wall
15NW-B/CR100 and its upslope. alMr geotechnical works of the original scheme
might include demolition of part of the existing caisson wall, excavation into the
upslope and the construction of a new gigantic replacementimatg structureto make
room for the standard pedestrian access ramp amiccaste structure. It was this

! Architectural Services Department, Government of thlong Kong Special
Administrative Region, China

2 Civil Engineering Department, Government of the gldfong Special Administrative
Region, China



unprecedented, unconventional new replacement whith gave rise to a very complex
geotechnical problem involving both design and trmesion. This paper presents details
of this case history, the geotechnical engineedegigns, and discusses the change
process.



THE SITE AND PROPOSED IMPROVEMENT WORKS

The site, on a sloping ground with a cantilevered caisson wall (feature no.
I5SNW-B/CR100), was built in 1994 as part of the Ap Lei Chau Bridge Road
Improvement (Figure 1).

Figure 1 : Site Plan

The caisson wall 15NW-B/CR100 (Figur _ e
2) comprises 2.6m diameter cantilevered caiss: P e e
socketed into bedrock with a maximum retain: * LA b -
height of about 12m above the road level. .| A e
supports a 40° slope, up to the platform of Yue e Py
Court, which is at about 24 m above the Ap L 1
Chau Bridge Road. Figure 3 shows the typic * e
interpreted geological section based on t , | i
information  collected from the  grounc
investigation.

The preliminary layout of the proposed T
improvement works is shown in Figure 4.
The major geotechnical works would
include demolition of some 50m length of t
existing 12m high caisson wall 15NW-B/CR10(
and excavation into the upslope by a maximumf
9m laterally to make room for the standa
pedestrian access ramp and staircase structure
to satisfy the requirement of leaving a Q4§
separation between the staircase structure andjil
new retaining wall.

Figure 2 General Appearance of the Wall 1SNW-B/CR100




OPTIONS ASSESSMENT OF THE ORIGINAL SCHEME

Three geotechnical options wer,

considered in the early stage.

Option 1 : Caisson/Bored Pile Wall Optio}—

(Figure 5)

This Option required the construction ¢

a line of concrete piles alongside the propog ' =~

ramp structure to replace the demolish{

section of caisson wall 15NW-B/CR10CI

Preliminary analysis showed that

replacement wall of 17m in height 2 3 7 — oo

comprising reinforced concrete piles of
2.5m diameter at 3m spacing, was

required. To reduce the anticipated lar

deflection and the associated ground movem
behind the wall, provision of intermediat
supports was considered necessary to h
reduce the bending stress, rock socket len
and displacement of these concrete pils

Hand-dug caisson was initially considered 357777-»

was viewed as the simplest and cheap
method of construction for the concrete pile
However, because of health hazard associe
with the caisson work, the authority would ne
approve the use of hand-dug caisson, unles
is proved to be the only practicable solutic

and when there is no other safe engineer..

alternative. Hand-dug caisson was
therefore ruled out and, instead, large
diameter bored pile was suggested.

Figure 4 : Proposed Improvement Works
of the Original Scheme
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Figure 5 : Caisson/Bored Pile Wall Option

Option 2 : L-shaped Wall on Existing Caissons Qpfieigure 6)

This was a proposal to construct a new

retaining structure in the form of a ne
L-shaped wall tying to the existing caisson
Temporary lateral support would be necessi
during the construction. Temporary grour
anchors might also be required to preve

excessive lateral deflection of the later

support.  Similar to Option 1, permanel
ground anchors were likely to be required
prevent excessive lateral deflection of the w.

N

- —

oy

Figure 6 : L-shaped Wall on Existing Caissons Option




Option 3 : Subway Option (Figure 7)

The subway option was a viable solutid
to avoid the need of demolishing the caiss| °
wall 15NW-B/CR100. However, the existing.

footpath would have to be widened {
accommodate the pedestrian access ramp
staircase of the subway and hence reducing
width of the existing carriageway. On th
grounds of cost and adverse impact

permanent traffic operation when compared |

the footbridge options, the Client eventual
rejected this option of a pedestrian subway.

- T
VATED OUTSIDE /(
INING WALL )
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<

Figure 7 : Subway Option

DESIGN CONSIDERATIONS OF THE OPTIONS 1 AND 2 FOR THE ORIGINAL

SCHEME

The two options of new retaining wall were consédie geotechnically feasible.
Option 1 was a new bored pile wall with intermeeiatipports by permanent prestressed
ground anchors. Option 2 was a new L-shaped wralttsire integrating into the existing
caisson wall with intermediate supports by anchors.

One of the Client's requirements was that the psed footbridge should be
structurally separated from the retaining struc{rigure 8). Therefore, the wall stem of
the L-shaped wall would need to be set back by abouout from the centre of the
existing caisson wall to provide sufficient spacethe ramp structure. With this restraint,
the structural connection between the new L-shaysband the existing caisson wall in

Option 2, thus, became not viable.

Furthermore, because of the complicated instaligtroblem, the long term regular
monitoring and maintenance burden in associatiah wround anchor, and hence the

substantial recurrent expenditure, the ground

anelgstem was finally not accepted.

Therefore, Options 1 and 2 (the anchor-supportedileaered wall options) were not

further pursued in the detailed design.
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Figure 8: Typical footbridge with ramp structure




THE DOUBLE ROW BORED PILE WALL OPTION OF THE ORIGIN AL
SCHEME

The option of free cantilevere(
bored pile wall was further investigate
and evaluated. Analysis showed that
would be extremely difficult, if not
impossible, to design a stable 17m hi
one row free cantilevered bored pile wa
Eventually, a double row bored pile wa
option was developed, with the highe
retaining height of the wall to be
supported by double rows of bored pile
of 2.5m diameter. The front row pile
were designed at 3m c/c, and the secc
row of piles at 6m c/c. Both rows woul
be connected by tie beams. Single row ..
bored piles was proposed to support thc
parts, where the retaining height was le i
than 10m. The layout plan and typic Mkl

cross sections of this retaining structure is, ) ) )
. . Figure 10 : Section of Double Row Bored Pile Wall Option
shown in Figures 9 and 10.

TIE BEAM

PROPOBED FOOTERIDGE
WITH STAIRCASE

AP LEI CHAU
BRAICAE ROAD

Figure 9 : Layout of Double Row Bored Pile Wall Option

DESIGN ASPECTS OF THE DOUBLE ROW BORED PILE WALL

The proposed bored pile wall will support the @rip slope, access road and
building platforms at some 20m above Ap Lei Chaw@ Road. A very substantial and
stiff structure will be required to serve the pupan view of its considerable retained
height.



Since there is little experience in the design asel of double row bored pile wall
as an earth retaining structure, two different cotep programme namely Fast
Lagrangian Analysis of Continua (FLAC) and Linedadfic Analysis Programme Ver.5
(LEAPS5) have been adopted. In the structural aesighored piles, the bending moment,
shear force and deflections are the key elemeris mssessed. The results from the two
approaches are compared and the larger valuesndingemoment and shear force are
adopted. A typical example is discussed below.

Analysis Using A Two-Dimensional Finite DifferenG®mputer Program FLAC

The analytical technique used in the program esathle effect of the site history to
be modelled. The sequence of the constructionteweas considered in the analyses.
The soil mass was modelled as a linear elastoiplasaterial with a Mohr-Coulomb
failure criterion. Both factored (for ultimate linstate) and unfactored (for serviceability
limit state) soil parameters are adopted. A tylpggelysis starts with the site conditions
prior to the construction of the existing caissoallw Analysis is then carried out for
different stages of construction to simulate whad happened on site, namely: initial
stage; installation of the existing caisson walavation in front of the existing caisson
wall to the road level; installation of the propdd®red pile wall; and finally, excavation
in front of the bored pile wall to the road levelhe two rows of integrated bored pile
comprise 23 nos. 2.5m@ RC bored piles at 3m ctherfront row and 9 nos. 2.5m@ RC
bored piles at 6m c/c in the rear row. The boridespn the front row are linked up by
means of a capping beam. In addition, the borked pi the front row are tied back to the
every single bored pile in the rear row by tie beanh6ém c/c. The grid for modelling is
shown in Figure 11.

— 5

: - S t i B 7 “1071)
JOB TITLE : ALC Double 13/1> Wall- SECT Lrl‘lll(l Gen (53 Gl .sav) ) - 1m0
FLAC (Version 3.30) Ctnoutil miadels .
e e Secyion 3
LIEGIERD
10/16/1998 1 1:25
slep 0
2.622E101 <x= 7.922E.001
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Figure 11 : Typical FLAC Model

Analysis Using A Two-Dimensional Structural Analy§iomputer Program LEAPS
The computer program for general structural amaly\sSEAP 5 has been used to
calculate the stresses in the proposed structuderualtimate limit state (ULS). A




typical model of the analyses is shown in Figure The structure was modelled as a
plane frame with soil springs on the passive sidlew the excavation level. The soll

mass enclosed between the two rows of bored pilssmodelled as a series of internal
beams that can carry compression but no tensioberating moment.

Lateral earth loading was calculated using aateaeh pressure coefficients
estimated with factored soil strength parameter$Jids in accordance with Geoguide 1.
Horizon-tal geological layers are assumed in thienasion of the active earth pressure in
order to simplify the calculations. All surcharged water pressures are assumed to act
on the rear bored piles.

Design Of Bored Pile Rock Socket Lengths
For the design of rock sockets of the bored pidl wnder ULS condition, the
following loaded cases were considered to detertmaenaximum stress envelope :

(@) The shear forces, bending moments and axie¢$agiven by FLAC analyses
based onfactored (given in Geoguide 1) soiktrength parameters and
surcharges under ULS.

(b) The shear forces, bending moments and axi@lefogiven by LEAP 5
analyses based dactored (given in Geoguide 1) sostrength parameters
and surcharges under ULS.

(c) A factor of 1.4 (as recommended in BS8110 fantte and water pressure)
applies on the shear forces, bending moments aatifaxces derived from
FLAC analyses based omnfactored soil strength parameters and
surcharges.

Another exercise was carried out for (a), (b) arjdapove for the design of rock
sockets for the rear bored pile. Difficulty waspexienced when checking the lateral
bearing capacity of the rock socket subjected &l#teral loads derived from the two
rows of bored piles.

CONSTRUCTION ASPECTS OF THE DOUBLE ROW BORED PILE W ALL

The major geotechnical works would involve condfian of 32 nos. of 2.5m
diameter bored piles over the existing slope, la¢ight of approximately 20m above the
level of Ap Lei Chau Bridge Road. Since much af Hored pile excavation would be in
rock of Grades Il or Ill, massive reverse circuwdatirotary drilling machines would be
required to avoid heavy chiselling and severe vibna close to the existing occupied
buildings. A gigantic temporary working platforfigure 13), capable of supporting the
bored pile machine and associated constructiorsloaduld need to be erected over the
slope at a high level up to the crest of the upslofhe foundation of the temporary
working platform would need to be designed and fodyepositioned to ensure that it
would not impose any surcharge and adverse effeth® existing caisson wall and its
upslope.
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Figure 13 : Gigantic Temporary Working Platform

It was anticipated that there could also be a sulbst risk and danger of accident to the
public passing under the temporary working platf@nsome 20m below, as well as nuisance
from noise, spoil, etc. Unless partial closureApfLei Chau Bridge Road be implemented,
the risk to the public during construction was édesed unacceptable. A similar substantial
temporary working platform is shown in Figure 14 was envisaged that construction of the
bored pile would involve excavation QqfFms T s
600m length of 2.5m diameter bored pile i s
soil, together with another 400m length Gf%&
pile in rock. The works may take longé
than 15 months to complete.

Furthermore, suitable  mitigation
measures to protect the public and
residents of the housing estate at
upslope crest from nuisance caused by [RESS
construction activities should be duljmsET :
allowed in the contract. In view of the Figure 14 : Similar Gigantic Temporary Working
significant impact, a public consultation and Platform at Stubb’s Road
an environmental impact assessment would be refusefore finalising the scheme.
Permission from the housing management shouldkassought in advance for the proposed
site access via the housing estate. If publicaesg is negative, reduction of the works area
and alternative construction method might need ¢orésorted. The project team was
expecting a very difficult community lobbying woakead.

EVOLUTION OF THE REVISED SCHEME

Towards the end of the detailed design stage amohgdthe pre-tender stage, the
difficulties and problems to be encountered witlulde row bored pile wall scheme were
reviewed again. The works was estimated to costesdiK$ 60M (of which over
HK$ 40M was due to the geotechnical works), difficto build, and requiring a long
construction period of 36 months. However, alligesdrawings and contract documents,



public consultation, financing and pre-tender prapan work had been completed. Any
drastic design change at this late stage would nie@nmost of the previous work would

have become abortive and the accountability issmaddvbe raised. At this stage, the project
team was facing a dilemma, whether kept silent delivered the design of the original

scheme to the client, or questioned the overalbuayn the light of the cost, construction

difficulties, site safety and construction prograenamd looked for a better option.

In view of potential huge gain, a Value Engineeniagiew was eventually applied to
the original design, involving the project teang tlient and the major stakeholders, trying to
re-examine the basic functional requirements aadsess the design and construction options
to pursue additional optimisation based on expedesf the project team members. It was
found and agreed that there was no strict requinétoeseparate the new footbridge from the
existing retaining structure, and that the standaedestrian access ramp and staircase
structure was not a prerequisite requirement. dtigglings allowed greater flexibility in
designing the layout and positioning the associatedactures of the footbridge. Finally, it
came up with a revised scheme basically fulfillihg redefined functional requirements of
the client by providing a footbridge over Ap Lei &hBridge Road with a ramp and a
staircase connecting to the footbridge as showigares 15 and 16.

PROPOSED FOOTERIDGE

AP LEI GHAU BRIDGE ROAD

Existing Caissons C1.10 Cl1.12 Cl1.14
C1.11 C1.13

Figure 16 : Elevation of Retaining Wall Under the Revised Scheme

In the revised scheme, the layout of Ap Lei Chaidd¥ Road westbound was
maintained, with no change to the kerb line anddath. Caisson wall 15NW-B/CR100 was
to be preserved except some modification worksotovert part of the wall into a staircase



and ramp. The proposed road improvement workshefrevised scheme would mainly
comprise the following works:

(@) Five existing caissons, namely C1.11 to C1.i5the wall 15NW-
B/CR100 would be trimmed down by 5m to 11m to accwmdate the
staircase connecting to the proposed footbridgke Wall section would
be replaced with a new 2m thick cantilevered L-gllpetaining wall
connected to the trimmed caissons by a 2m deepdiaseat their cut-off
level, with staircase to be formed on top of theebslab with handrail and
roof;

(b) Existing caisson C1.10 would be trimmed dowrstipport the proposed
footbridge at +25.7mPD. The caisson head woulthbdified to provide
a suitable support for the footbridge and a retgmwall connected to the
caisson head would be built to support the upsldpe caisson C1.10
would be checked against the loadings derived ttemfootbridge;

(c) For the provision of pedestrian ramp connecting to the proposed
footbridge, the capping beam to the east of the proposed footbridge
would be filled up with concrete to the required level for the pedestrian
ramp running towards Ap Lei Chau Drive (Figure 17). A new
cantilevered wall section would be built with thickened base slab to
replace the capping beam and suit the required gradient of ramp.

Artist’s
Impression

Figure 17 : Artist’s Impression after completion of Works




ADVANTAGES OF THE REVISED SCHEME

(@) The revised scheme reduces the constructianbgodeleting all those 32 no. bored
piles in the original scheme, saving about HK$ 3@ shortening the construction
time by about 15 months;

(b) No more bored piling machine will be on sitedahence no more substantial
temporary working platform is required. The workslyoinvolve cutting off of 5
caissons and building a replacement wall to cavercaissons. This will only involve
a minor temporary lateral support works to build taplacement wall;

(c) Without the substantial temporary working pbath, this will save about HK$ 10M
and cut the construction programme by about 3 nspnth

(d) Geotechncial works have been kept to minimurmh @us will obviously shorten the
whole construction programme very much;

(e) Minimum works mean minimum environmental imptacthe public as works involve
much less excavation in the revised Scheme,;

) The access ramp is in the direction to the hmmusstate to give greater convenience to
the majority of the pedestrians;

(9) Recurrent expenditure required for maintenamoald be reduced as compared to the
works of a higher bored pile wall if it is builtnd

(h) Progress of works is now controlled by the lomige construction, rather than any
bored pile works or substantial temporary workimatfprm. Construction programme
could be better managed under less unforeseeattramts.

DISCUSSION OF THE CHANGE PROCESS

In this case of the highway footbridge improvemeprdject, the subway option was
ruled out at feasibility stage, so detailed desngu proceeded according to the client’s
request resulting in a very difficult preliminargsign option. At the detailed design and pre-
tender stage, and after the basic functional requents were re-visited and redefined, the
obvious question was raised:

“Why could the layout not be revised to supporethroposed
footbridge on top of the existing caisson wall arsdraighten the
pedestrian ramps to eliminate slope excavation?”

These proposed scheme revisions were actually quiter (re-aligning the pedestrian
ramps; a lateral shift of the highway by less tlome metre; a recess made at the existing
caisson wall to accommodate a staircase and sufyofootbridge; and a new screen wall),
but the determination to redefine the functiongluieements and the necessary mind-shift by
all members of the project team were enormous. élttexd also followed some grave
concerns over whether the project content coulsdoeadically changed at the detailed design
stage, without causing severe delay and incurringstantial criticism from all walks.
However, the revision finally proved to be totalfasible, with a consequent big saving in
construction time and a huge cost reduction, noiention the removal of a potentially



dangerous construction situation where works wélldarried out close to a busy highway.
After discussion amongst all affected parties atadkeholders, the project team proceeded
with the new scheme, and received very good regsons

In the design of projects and in our concern td dath the complex technical issues, we are
used to taking for granted basic assumptions tragritical examination, may turn out not
only to be unnecessary but also cause false camstran the project fulfilment. This can
happen without realising and so it is useful toieevbasic assumptions and functional
requirements during the inception, planning, desigd even construction stages of a project.
It can also occur as a result of agency multipledting, inadequate communication and
different perception of function and purpose amgm@ject team members and the
stakeholders. The real needs of the ultimate tciieay not be fully known by all project team
members. In such cases, review of basic assungptidh the ultimate client is necessary.

CONCLUSIONS

The case history shows an application of the value engineering principles to seek for
simple solution to a complex geotechnical engineering problem. It is vital to maintain good
communication and clear understanding of the client’s basic functional requirements among
project team members, the clients and stakeholders at all phases of the project. Reviewing
and questioning basic assumptions at all phases of the project should be encouraged,
although it is not always easy. It also requires a certain detachment from the intricacies of
the project and often not a little courage! Questioning basic assumptions can be achieved by
asking very radical questions, questions that might appear too obvious and are therefore
never asked. However, the possible improvements and savings can sometimes be very large
and even mean the difference between a feasible project and no project at all, as is
demonstrated by this case history.
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